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ABSTRACT
A series of two-dimensional non-linear inelastic static lateral load analyses were performed on two
prototype non-ductile reinforced concrete frame structures using the DRAIN-2DX program (Prakash and
Powell, 1992). The global seismic performance of the prototype structures were evaluated considering
the local non-ductile behavior of their critical regions. The prototype structures were designed to be
representative of existing non-ductile reinforced concrete frame s~ructures constructed in the Eastern and
Central United States during the 1950's through 1970's. Both prototype structures had critical non-ductile
details which were commonly used in existing non-ductile reinforced concrete frame structures. The first
prototype structure was designed using the ACI 318·56 Design Code and the Working Stress Design
Method. The second prototype structure was designed using the ACI 318-63 Design ICode and the
I
Ultimate Strength Design Method.
A total of 7 lateral load analyses were performed on the two prototype structures. These considered
triangular and uniform rectangular lateral load profiles for the lateral loads. Four lateral load analyses
assumed infinite local ductility capacity of the critical regions of the prototype structures. Three lateral
f
load analyses considered the local non-ductile bei}avior of the critical regions.
It is found that the global seismic behavior of the prototype structures ~ere largely affected by the local
non-ductile behavior of the critical regions in terms of ductility capacity, base shear capacity, lateral
stiffness and the collapse mechanism that formed. Base shear capacity and lateral stiffness were largely
affected by the local non-ductile behavior in the girders. Global ductility capacity was largely affected
by the local non-ductile behavior in the columns. The Working Strength Design structure showed better
global behavior in terms of ductility capacity, base shear capacity, lateral stiffness and the collapse
mechanism that formed. The results of this study have applications to both the seismic evaluation of
existing reinforced concrete frame structures and the retrofit of these structures.
CHAPTER 1
INTRODUCTION
1.1 INTRODUCTION
Reinforced concrete frame structures built in many parts of the United States during the 1950's through
1970's include non-ductile details associated with poor seismic performance. Often, the designs for such
buildings were governed by gravity load effects and many of their design details do not comply with
present seismic detailing practice. Therefore, the seismic resistance of these buildings is considered
suspect.
Current knowledge on the seismic performance of this broad class of non-ductile structures is very limited.
Behavior of some non-ductile details have been studied experimentally (Pessiki et al. 1990; El-Attar et
al. 1990,1991). Attention is now on possible retrofit techniques. A better understanding of the behavior
of these structures is needed so that the safety of the existing structures can be assessed and effective
retrofit schemes can be developed.
This report presents the lateral load behavior of two prototype structures which have the poor seismic
characteristics addressed above. The two structures are similar in overall height and layout. The first
structures was designed according to the Working Stress Design method, and the second structure was
designed according to the Ultimate Strength Design method.
1.2 OBJECTIVE AND SUMMARY OF APPROACH
1.2.1 Objective
TIle objective of the research is to evaluate the seismic behavior of two non-ductile reinforced concrete
frame structures that are typical of the many thousands of similar structures that were constructed in the
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Eastern and Central United States during the period from the 1950's to the 1970's. One of the structures
was designed according to the Working Stress Design, and the other structure was designed according to
the Ultimate Strength Design.
1.2.2 Summary of Approach
The approach taken in the research is outlined as follows:
1. Select, design and detail prototype structures representative of a large group of buildings
constructed in the Eastern and Central United States during the 1950's through 1970's.
2. Identify the critical regions of the prototype structures which can limit their seismic
performance.
3. Model the prototype structures for lateral load analysis including non-ductile behavior
of the critical regions.
4. Assess the seismic behavior of the prototype structures through a series of non-linear
inelastic static lateral load analyses.
1.3 RESEARCH SIGNIFICANCE
The results of this study have applications to both the seismic evaluation of existing reinforced concrete
franle structures and the retrofit of these structures. The study addresses important needs of research and
practicing engineers studying the seismic behavior of non-ductile reinforced concrete frame structures.
TIle results of the analyses of the prototype structures can assist other researchers to develop detailed
retrofit techniques.
1.4 SCOPE OF REPORT
Background infornlation is presented in Chapter 2. This chapter identifies the critical regions of non-
ductile reinforced concrete frame structures, gives a briefhistorical review of the code requirements related
to these regions, and discusses prior research. Chapter 3 describes the selection, design and detailing of
3
the two prototype structures evaluated in this study. Design drawings are included in this chapter.
Modeling of the prototype structures for the inelastic lateral load analyses is treated in Chapter 4. This
chapter includes discussion on in-situ material properties, gravity load analyses, moment-curvature
relationships, and girder and column flexural properties. Chapter 5 discusses the lateral load analysis
program and its procedures. Limitations of the analysis program and their effects on modeling are also
included in Chapter 5. Chapter 6 outlines the lateral load analyses which were performed and presents
the results. A comparison and discussion of the analysis results is given in Chapter 7. Chapter 7 also
includes a discussion on the importance of the critical details that were identified in Chapter 2, and a
I
discussion on the importance of modeling local non-ductile behavior. Chapter 8 summarizes the findings
and conclusions of this study. Additional research needs are also described in this chapter.
4
CHAPTER 2
BACKGROUND
2.1 INTRODUCTION
This chapter presents background information. In Section 2.2, the effects of lateral loads on the forces
and deformations in a frame structure are discussed. Section 2.3 addresses some of the critical details
associated with poor seismic performance of non-ductile reinforced concrete frames. A brief historical
summary of the design requirements for each detail is included in Section 2.4. The reader is referred to
Wu (1993) for a discussion of prior research on non-ductile frame structures related to the present study.
2.2 FORCES AND DEFORMATIONS DUE TO LATERAL LOADS
The deflected shape of a multistory frame structure subjected to unifoffi1 gravity load is shown in Figure
2.1(a). The corresponding shear force, bending moment and axial force diagrams are shown in Figures
2.1(b), (c) and (d) respectively. Similarly, Figures 2.2(a), (b), (c) and (d) plot the deflected shape and
shear force, bending moment and axial force diagrams for the same stnlcture under the action of lateral
loads only. Moment diagrams are shown plotted on the tension side of each member.
Figure 2.1 represents the state of the structure in service prior to an earthquake. Under uniform gravity
load each beam has two inflection points along its length and is subjected to negative bending (top fiber
in tension) where it frames into a column. The inflection points are indicated with heavy dots. In the
columns, inflection points generally occur near mid-height. Considering next the defonnations and forces
developed due. to lateral load (Figure 2.2), each beam has only one inflection point close to midspan. The
beams act in double curvature under positive bending (bottom fiber in tension) at one side of the inflection
point and under negative bending at the other side.
5
During an earthquake, service gravity loads and the earthquake-induced lateral loads act together. Their
combined action can be approximated as a superposition of the individual effects shown in Figures 2.1
and 2.2. Assume the structure displaces to the right. The negative beam moment at the left column face
becomes smaller and the negative beam moment at the right column face becomes larger. If the
earthquake-induced forces are large enough relative to the gravity forces, a reversal of beam moment will
occur at the left column face causing positive bending.
Under the combined gravity and earthquake loads, the bending moments acting on the exterior columns
increase on the right side of the structure and decrease on the left side. Interior colwnns are likely to have
larger bending moments than caused by service gravity loads alone. The inflection points remain close
to the mid-height. The axial compression in the exterior columns increase on the right side of the
structure and decrease on the left side due to cantilevering action. Interior columns carry axial forces
similar to the gravity load levels.
It is also noted that as the structure responds to an earthquake, it defomls repeatedly in bolll directions.
Therefore, the force and deformation effects described above must be considered in both directions.
2.3 IDENTIFICATION OF CRITICAL DETAILS
In many regions of the United States there exists many reinforced concrete structures for which the
designs have been dominated by gravity load effects. Many of the construction details used in these
structures are associated with non-ductile structural failure modes under seismic loading. As a result, the
performance of these structures is considered suspect for moderate to severe seismic loadings.
The following non-ductile details and regions are common to many structures built since the late 1940's
and are viewed to be potentially critical to tlIeir behavior during an eartllquake:
6
1. Beam bottom (positive) flexural reinforcement with a typical embedment length of 6
inches into the beam-column joint.
2. Beam flexural reinforcement cut-off and bend regions according to gravity load
requirements.
3. Lightly confined columns due to widely spaced transverse reinforcement.
4. Lightly confined column reinforcement splices located just above floor level.
5. Little or no transverse reinforcement in the beam-colunm joint.
6. Little transverse reinforcement in beanls.
These details are shown in Figure 2.3. liote iliat not all slab, beam and column bars are shown in Figure
2.3. This figure merely shows ilie locations of the critical details identified above. Sections 2.3. I ilirough
2.3.5 discuss the potential i,mportance of each one of these details. Section 2.3.6 provides a historical
summary of the ACI 318 Design Code (I947, 195 I, 1956, 1963, 197 I) design requirements related to each
detail.
2.3.1 Embedded Beam Bottom Flexural Reinforcement
According to the earlier editions of ilie ACI 318 Code, at least 1/4 of the beam bottom (positive) flexural
reinforcement at midspan had to be embedded 6 inches into the beam-eolumn joint. This detail is also
common to present practice in structures designed for gravity loads only. As described in Section 2.2,
earthquake-induced forces can cause reversal in the beam bending moment at the column face resulting
in a positive bending moment with the bottom beam flexural reinforcement under tension near tlle
supports. The tensile force in this reinforcement must be developed by the 6 inch embedment in the joint.
Pull-out of the embedded reinforcement from ilie joint may occur under relatively small lateral drift levels.
2.3.2 Beam Flexural Reinforcement Cut-off and Bend Regions
In beams and girders designed for gravity load but subjected to significant lateral force effects, yielding
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can occur not only at the ends, but also at the bar cut-off and bend regions within the span. On the
negative bending side, the moment capacity at the end is increased by the existence of slab reinforcement.
The cut-off of negative (top) beam reinforcement occurs close to the columns generally leaving only slab
reinforcement and two stirrup support bars in this region. The reduced negative bending capacity at the
negative bar cut-off region may lead to premature local failure. On the positive bending side, the bending
capacity is reduced at the bottom bar bend region and is minimum at the top bar bend region. In this
region, positive bending is resisted only by the straight bottom bars which extend 6 inches into the
support. The reduced positive bending capacity at the top bar bend region may result in local premature
failure.
2.3.3 Lightly Confined Columns and Column Splices
In the earlier editions of the ACI 318 Code, there were no specific provisions for determining shear
reinforcement in columns. Development of the ACI 318 Code maximum tie spacing requirements for tied
colwnns was based primarily on preventing the longitudinal bars from buckling locally. However,
transverse reinforcement also confines the column concrete under compression, allowing larger strains to
be reached before crushing. This results in a more ductile member. In concrete columns that are designed
for gravity load only, ties are placed at relatively large spacings resulting in poor confinement of the
concrete. This light confmement results in decreased strength and ductility under flexural and axial effects
of seismic loading. Moreover, column reinforcement splices are often located just above floor level to
simplify construction. This is typical of both past and present construction practices in structures not
designed to resist seismic loads. The light confinement provided in the spliced region may result in
decreased strength and ductility. Transverse reinforcement also helps resist the shear forces developed
in the column. This is particularly important at column ends where bending is mahmum. Concrete in
these regions may deteriorate at relatively small lateral drifts- due to low ductility. This significantly
I
reduces the shear capacity of the column and may result in premature shear failure.
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2.3.4 Transverse Beam-Column Joint Reinforcement
Many of the past design practices for beam-column joints used little or no transverse reinforcement in the
joint. This is because the structures were designed to resist primarily gravity loads and less consideration
was given to the force transfer between members at the joints. However, as a structure deforms laterally
under earthquake induced forces, the beams and columns impart significant shear forces to the joint which
can lead to premature failure of the joint.
2.3.5 Beam Transverse Reinforcement
TIfe earlier design requirements of ACI 318 Code for shear and diagonal tension reinforcement of beams
may be unsatisfactory for the large shear forces developed due to seismic effects. Past design practice
allowed beanls to be designed with little shear reinforcement. This may result in early shear failure of
beams under relatively small lateral drift levels and can impose a limit on structural performance during
an earthquake. In addition, transverse reinforcement confines the beam concrete in compression, allowing
larger strains to be reached before crushing. This results in more ductile flexural behavior. Widely
spaced stirrups provided in the beams may result in decreased shear and bending strength and ductility..
2.4 HISTORICAL SUMMARY OF RELEVANT DESIGN REQUIREMENTS
11lis section contains a brief historical summary of the design requirements related to each of the details
described above. This summary includes requirements related to anchorage of beam bottom (positive)
flexural reinforcement, beam flexural reinforcement cut-off and bend regions, transverse reinforcement
for tied columns, transverse beanl-colunm joint reinforcement and, beam transverse reinforcement. The
1947, 1951, 1956, 1963 and 1971 editions of the ACI 318 Code were reviewed to prepare this summary.
The accompanying editions oftlle ACI 315 Detailing Manual (1948,1951,1957,1965,1974) were also
studied.
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2.4.1 Anchorage of Beam Bottom Flexural Reinforcement
.Before the 1951 edition of the ACI 318 Code, 1/4 or more of the bottom (positive) reinforcement in
continuous beams was required to extend into the beam-column joint a distance of ten or more bar
diameters, or as far as possible into the support and tenninated in standard hooks, or other adequate
anchorage. This requirement was relaxed in the 1951 edition. Typically, at least 1/4 of the beam bottom
reinforcement at midspan was required to be embedded into the beam-colufi.ln joint to a length of 6 inches.
This detail is presently common practice in structures designed for gravity loads only. The seismic
design requirements of the 1971 Code specify that the top and bottom beam flexural reinforcement on
either side of the beam-column joint are continuous through the joint where possible. When a top or
bottom bar carmot be continued through the joint, it is required to be properly anchored to develop the
specified yield strength of the bar. For design under seismic loads, the positive moment capacity of
flexural members at beam-column joints is required to be not less than 50% of the negative moment
capacity. This reduces the bond stresses developed in the joint and therefore decreases the possibility of
pull-out.
2.4.2 Beam Flexural Reinforcement Cut-off and Bend Regions
In the earlier editions of the Code, flexural reinforcing bar cut-off and bend points were determined based
on bar development requirements. Also, in the earlier editions of the ACI 315 Detailing Manual,
simplified recommendations for bar cut-off and bend points could be found. These bar cut-off and bend
points were generally expressed in terms of the clear span length. L. For example, L/4 was given as the
distance from the support to the negative bar cut-off point. Similar recommendations were given for the
bend point of a negative bar. These recommendations met the bar development requirements of the Code.
Beginning with the seismic requirements of the 1971 edition of the Code, at least 1/4 of the larger amount
of the tension reinforcement at each end is required to be continuous throughout the top of the beanl.
Both top and bottom reinforcement have to consist of at least two bars throughout the entire length of the
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member. The simplified niles of the earlier editions of the Detailing Manual are not included. Also, bent
bars are not shown in the sample detail drawings of the Manual.
2.4.3 Transverse Reinforcement for Tied Columns
In early editions of the ACI 318 Code, column ties as small as 0.25 inch in diameter (#2 bars) were
permitted. Provisions regarding the spacing of ties allowed a maximum tie spacing of 16 cohlIlm bar
diameters, 48 tie diameters or the smallest dimension of the colunm. These requirements remained the
same throughout all editions of the Code. Closer tie spacings were specified for column ends where
column vertical bars were offset bent. The provisions for column tie spacing did not require a tie at the
ends of column splices. Rules governing the configuration of ties changed significantly with the 1963
Code. Prior to the 1963 Code each longitudinal bar had to be restrained by the 90 degree comer of a tie.
This resulted in very effective tie configurations. However, beginning with the 1963 Code this provision
was relaxed to require every corner and every other longitudinal bar to be supported by the comer of a
tie bent to an angle of 135 degrees or less, with no longitudinal bar spaced more than 6 inches from such
a supported bar. Beginning with the 1971 edition, the Code requires the lowest tie in a column to be
located not more than half the tie spacing (s{2) above the floor. In addition, ties are to be placed
<
throughout the column to within s/2 of the, lowest horizontal reinforcement in the slab or drop panel
above. If beams frame into all sides of a column, the column ties are allowed to terminate 3 inches below
the lowest reinforcement in the beams. Minimum allowable column tie sizes are #3 bars for longitudinal
bars up to #10, and #4 ties for #11 or larger longitudinal bars. The seismic design provisions of the 1971
Code address design of colunm shear reinforcement for the first time. Maximum spacing of shear
reinforcement is given as half the column depth. Also, confinement reinforcement spaced not more than
4 inches apart has to be supplied at tile column ends over a length of at least the coltunn deptll, 18 inches
and 1/6 of the clear height of the colunm. These changes result in an increase in the available colunm
strength and ductility.
II
2.4.4 Transverse Beam-Column Joint Reinforcement
The 1947, 195 i, 1956 and 1963 editions of the ACI 318 Code did not specify where the first column ties
were to be placed relative to the floor level or if the column ties were to continue through the beam-
column joint. The 1971 edition pf the Code addresses all of these issues. Requirements for minimum
joint transverse reinforcement are available. In addition, specific rules governing the design of joint
transverse reinforcement are included in the seismic provisions of the 1971 Code.
2.4.5 Beam Transverse Reinforcement
In the earlier editions of the Code, stirrups or ties not less than 1/4 inch in diameter which were spaced
not more than 16 bar diameters or 48 tie diameters had to be used throughout the distance in the beam
where compressive steel was required. In addition, there were rules governing the design of shear
reinforcement. The 1956 edition of the Code included provisions for minimum shear reinforcement for
the first time. The 1971 Code specifies closed ties for the transverse reinforcement of members subject
to stress reversals. The seismi<; provisions of the 1971 Code include governing rules for the design of
transverse reinforcement in members which are part of a lateral load resisting structural system.
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CHAPTER 3
DESIGN OF PROTOTYPE STRUCTURES
3.1 INTRODUCTION
Earthquake resistant design for buildings was not common throughout the United States until the 1970's.
Prior to this time, many buildings were designed for gravity dead and live loads only with no
consideration given to wind or earthquake loads. The majority of these buildings are located throughout
the Eastern and Central parts of the United States. Many developments have been made in the analysis,
design and detailing methods of reinforced concrete structures since the 1970's. The Codes have been
continuously revised to represent these changes. The time period from the 1940's to the 1970's was a
period of great economic growth in the United States. 111erefore, many buildings of different types were
designed and built. Many of these structures include some of the poor seismic characteristics which were
identified earlier in Section 2.3.
As stated in Chapter 1, one of the tasks of this research was to select, design and detail prototype
structures representative of a large group of buildings constructed in the Eastern and Central regions of
the United States during the 1950's to 1970's period. This chapter describes the selection, design and
detailing of the two prototype structures evaluated in this research. The prototype structures were selected,
designed and detailed with the input of an Advisory Panel comprised of several practicing structural
engineers. Section 3.2 describes the interactions that occurred with the Advisory Panel. Section 3.3
discusses some of the important parameters which were considered in the selection of the prototype
structures. Slab, beam, girder and column design and detailing are discussed in Section 3.4.
15
3.2 MEETINGS WITH THE ADVISORY PANEL
To ensure that the prototype structures were representative of existing structures, tWo meetings were
arranged with an Advisory Panel compo"Sed of several practicing engineers to obtain information about
the methods, procedures, assumptions and tools commonly adopted in the design of reinforced concrete
frame structures in Eastern and Central United States during the time period from the 1950's to 1970's.
The first meeting addressed several design parameters, including: 1) pre- or post-1963 design, i.e. Working
Stress or Ultimate Strength Design method; 2) general features, such as the type of building and floor
system, elevation and plan geometry; 3) design loads, live load reductions and exterior wall loads; 4)
analysis methods used in design; 5) design material properties; 6) practical information on preliminary
design of floor systems; and, 7) slab, beam and colwnn design and detailing.
The second meeting was arranged after the design of the primary structural members of the first prototype
structure in order to obtain the comments of the practicing engineers. Some issues regarding the design
and detailing of columns were also discllssed. Based on the results of this meeting the necessary
modifications were made and the design of the first prototype structure was completed.
The meetings also lead to the identification of important design alternatives to be considered in other
possible prototype structures. These include: I) two-way framing system; 2) alternative elevation and
plan geometries; 3) higher strength design materials; 4) design for wind loads; 5) beam detailing options
such as the use of doubly-reinforced sections and straight bars. These are discussed in more detail in
Chapter 9.
3.3 DESIGN PARAMETERS
Many changes in design practice occurred during the period from the 1950's to 1970's. Therefore, it was
necessary to identify those changes in practice which would possibly have the most pronounced effects
on seismic behavior. Editions of the ACI 318 Design Code and the accompanying ACI 315 Detailing
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Manual covering the time period between 1950 and 1970 were reviewed. Practical design and detailing
information was obtained from interviews with the Advisory Panel. Also studied were published design
and detailing handbooks, manuals and textbooks dating back to the period from 1950 to 1970.
Important parameters related to the type, design and detailing of the prototype structures were identified.
,
These are divided into the following major groups.
1. Design Codes and Detailing Manuals
2. Design methods
3. Type of building
4. Geometry
5. Design loads
6. Design material strengths
The following is a more detailed discussion of each of these parameters.
3.3.1 Design Codes and Detailing Manuals
One of the first steps in the design of the prototype structures was to choose the editions of the ACI 318
Code to be used. Editions of the Code covering the time span between 1950 and 1970 were published
in 1947, 1951, 1956 and 1963. The accompanying ACI 315 Detailing Manuals were published in 1948,
1951, 1957 and 1965. In order to select the desired editions, many major changes which occurred in the
design provisions during this time period were evaluated. The most significant development came with
the 1963 Edition when the Ultimate Strength Design method was specified as an alternate design method
for the first time. This is discussed in more detail in the next section.
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3.3.2 Design Methods
Earlier editions of the Code specified the Working Stress Design method to be used in the design of
reinforced concrete members. In 1956, the Ultimate Strength Design method was allowed as an alternate
method for the first time. However, no detailed instructions were included. In the 1963 edition of the
Code, both methods were equally accepted and detailed instructions governing the two methods were
given. In subsequent editions of the Code, the Working Stress Design method was treated as an alternate
method.
The Ultimate Strength Design method brought a completely new approach to the design of reinforced
concrete members. In general, structural members are designed to have some reserve strength beyond
their ordinary working loads. When elastic (straight-line) stress calculations are used with working loads
(Working Stress Design method), a factor of safety is provided by the use of stresses much below tile
failure stresses. On the other hand, the Ultimate Strength Design method uses "load factors" and "capacity
reduction factors" as partial factors of safety.
Whether Ultimate Strengfu Design method will lead to economy in cross sections depends upon the load
factors used. In general, the load factors specified in fue 1963 Code lead to smaller member cross-
sections. The moment-curvature relationship is directly related to the cross-sectional properties such as
size, detailing and material behavior, as discussed in detail in Section 4.5. The moment-curvature
relationship, in tum, determines the cross-section strength and ductility which are two major paranleters
governing global structure strengtll and ductility capacity.
Based on the above discussion, it is clear that the design mefuod will affect fue structural seismic
behavior. Therefore, this was selected as the major parameter to be studied between Ule two prototype
structures. The 1956 edition of the Design Code and the 1957 edition of fue Detailing Manual were used
to design fue first structure according to the Working Stress Design mefuod. The second structure was
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designed to the 1963 edition of the Design Code and the 1965 edition of the Detailing Manual using the
Ultimate Strength Design method. All other design parameters such as building type, overall geometry
\
and layout, working loads and material properties were kept the same.
3.3.3 Type of Building
Type of building has an influence on the overall elevation and plan geometry of the structure. The
framing system may also change due to differences in design loads and overall geometry. A review (Wu,
1993) of the inventory of reinforced concrete frame structures constructed between 1950 and 1970
revealed that a large portion of these structures were office buildings and 2-6 story housing units. Based
on meetings with the Advisory Panel, it was decided to design prototype structures that represent office
buildings.
33.4 Geometry
General features of the prototype structures, such as elevation, number of bays, number of stories, plan
geometry and bay spacings were evaluated. Most of the decisions regarding the overall geometry and
layout of the prototypes were made based on the meetings with the Advisory Panel.
Commonly used framing systems shown in Figure 3.1 were considered. The most usual form of building
construction consisted of a slab cast monolithically with a beam-and-girder floor framing which carried
the floor load to the colunms. When t1le slab was more t1lan twice as long as it was wide, it was usually
designed as a one-way slab continuous over the beams, but with special negative moment slab
reinforcement added across the girders (Figure 3.I(a)). When no beams were used except those between
eolunms, as in Figure 3.1 (b), the slabs were supported on all four sides and both beams and slabs were
designed assuming two-way action. In light construction, the beams would sometimes span in only one
direction as shown in Figure 3.I(e).
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Based on meetings with the Advisory Panel, two 12 story structures were designed with 5 bays in both
directions. The clear story height is 8 feet for all stories, and the center-to center bay spacing is 21 feet
for all bays. A one-way framing system was designed with two intennediate beams 7 feet apart (Figure
3.l(a)).
3.3.5 Design Loads
The 1941, 1947 and 1951 editions of the ACI 318 Code requir.ed all dead and live loads to be considered
in design, and required wind loads, if they existed, to also be included. In 1956, earthquake-induced
forces were mentioned as design loads for the first time. However, no provisions for earthquake resistant
design were included. Based on discussion with the Advisory Panel, both structures were designed for
Code specified gravity loads only, and no consideration was,given to wind or earthquake loads. Exterior
wall load, and floor and roof live loads were taken from the Concrete Reinforcing Steel Institute Design
Handbook (1965). The following is a summary of the gravity loads used in the design of both prototype
structures:
Floor loads
dead load
exterior wall load
live load
Roof loads
dead load
parapet
live load
3.3.6 Material Strengths
concrete structure weight + 15 psf for ceiling, flooring, etc.
360 plf on spandrels
60 psf + 20 psf fully moveable partitions
concrete structure weight + 15 psf for roofing
360 plf on spandrels
30 psf
3.3.6.1 Concrete Compressive Strength
Earlier editions of the Code included provisions for tile specified design 28 day concrete compressive
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strengths of 2000,2500,3000, and 3750 psi. In 1956,5000 psi concrete was also included. The 2000
psi concrete was removed from the Code in 1963. Between 1971 and 1977, the specified concrete
strengths included in the Code remained as 2500, 3000, 3500, 4000 and 5000 psi. For the design of both
prototype structures~3000 psi concrete was used in slab, beam and girder design, and 3750 psi concrete
was used in column design.
3.3.6.2 Reinforcing Steel Strength
Prior to 1963, the specified yield strengths of reinforcing steel were 33, 40 and 50 ksi for plain and
deformed bars. The corresponding ultimate tensile strengths were 55, 70 and 80 ksi. Beginning with the
1963 edition of the Code, higher strength steel bars were allowed with specified yield strengths of 60 and
75 ksi and ultimate strengths of90 and 100 ksi. In 1971,33 ksi steel was removed from the Code. The
reinforcing steel strength used in the design of both prototype structures was 40 ksi.
3.4 MEMBER DESIGN
As noted earlier, two prototype structures were designed. Design of first prototype was based on the 1956
edition of the ACI 318 Code and the accompanying ACI 315-57 Detailing Manual. The Working Stress
Design method was employed. For the second structure, the 1963 edition of the ACI 318 Design Code
and the 1965 edition of the ACI 315 Detailing Manual were used. The Ultimate Strength Design method
was used. All other design parameters were kept the same between the two prototypes. Both structures
are 12 story reinforced concrete office buildings, consisting of 5 bays in both directions. Center to center
span lengths are 21 feet in both directions. Floor clear height is 8 feet throughout. Intermediate grade
steel (fy = 40 ksi) was used for reinforcing bars. Concrete compressive strength is 3000 psi for the floor
system, and 3750 psi for the columns.
A one-way beam-and-girder type framing system was designed with two intermediate beams (Figure 3.2).
Only uniform gravity loads were considered. Live load reductions as recommended by Peabody (1957)
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were applied to floor loads to obtain the member forces. Structural analysis was done ,using the
approximate ACI moment coefficients method described in the Code. The moment coefficients
determined by Peabody (1957) were used in obtaining the design forces for girders.
3.4.1 Slab Design and Detailing
Roof and floor slabs of both prototypes were governed by the minimum design requirements of the Code.
A typical 4 inch thick slab acting monolithically with the frame was designed. This is the minimum
practical slab thickness recommended by the Advisory Panel. Slab reinforcement was governed by the
minimum reinforcing steel area and spacing requirements given in the Code. Straight bars were used.
Bar cut-off points were obtained from the ACI 315 Detailing Manual. Typical slab reinforcement details
are presented in Figures 3.3 through 3.5. Since the minimum retluirements govern the design, all roof and
floor slabs have the same reinforcing details. Figure 3.3 presents typical cut-off points of main slab bars.
Figures 3.4 and 3.5 give plan views of a typical comer slab showing only the top and bottom bars
respectively. Both main (solid lines) and temperature (dashed lines) bars are included in Figures 3.4 and
3.5. Figures 3.3 through 3.5 apply to the Working Stress Design structure. However, the limiting slab
design requirements of both Codes were very similar. Therefore, these figures can be used for both
prototypes with one exception. In Figures 3.4 and 3.5, the temperature bars of the Ultimate Strength
Design structure must be embedded 6 inches into the girders.
3.4.2 Beam and Girder Design and Detailing
Four typical beams and four typical girders were designed for each structure: floor interior and spandrel
beams, roof interior and spandrel beams, floor interior and spandrel girders and roof interior and spandrel
girders. These typical beams and girders are identified in Figure 3.2. A computer program was written
to assist with the design of the beam and girder sections. For given beam or girder dimensions, the
program calculates the design forces (working or factored loads depending on the design method used)
and employs the Working Stress Design method or the Ultimate Strength Design method to determine the
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required reinforcing steel area. For the Ultimate Strength Design sections, reinforcement ratios for the
controlling cross-sections were selected to be half the maximum allowed, i.e. 0.375Pb' where Pb is the
balanced reinforcing steel ratio. Beams and girders were designed as singly reinforced rectangular sections
at ends and T-sections at midspan. Concrete cover was specified as 1.5 inches at the sides for both beams
and girders, 2 inches at the top and at the bottom for beams, and 3 inches at the top and 2 inches at the
bottom for girders. Beam and girder dimensions of the two prototype structures are presented in Table
3. I. Reinforcement cut-off and bend points were determined using the detailing drawings of the ACI 3I 5
Detailing Manual. Typically, the same reinforcement bend and cut-off points apply to all beams and
girders of both structures. These locations are shown in Figure 3.6. A combination of bent and straight
bars were used. A generalized reinforcement layout which can be applied to all beams and girders is also
included in Figure 3.6. Only the two leftmost spans of the structure are shown in this figure. However,
due to symmetry, the information provided is sufficient to determine the detailing of the remaining spans.
Note that bars are placed in a single layer at all sections. Clear spacings between the bars conform to the
Code requirements. The actual reinforcement details for the two prototype structures are summarized in
Tables 3.2 and 3.3, using the bar identifications shown in Figure 3.6.
Table 3.1 Beam and girder dimensions.
I MEMBER TYPE I WORKING STRESS DESIGN ULTIMATE STRENGTH DESIGN
floor interior beams l2"x19" 12"x16"
floor spandrel beams l2"x19" 12"x16"
roof interior beams l2"x16" 12"x14" /.
roof spandrel beams 12"x16" 12"x14" /
floor interior girders 15"x27" 15"x24"
floor spandrel girders 15"x27" 15"x24"
roof interior girders l5"x24" l5"x21"
roof spandrel girders 15''x24'' l5"x21"
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Table 3.2 Beam and girder reinforcement details of the Working Stress Design structure.
1
MEMBER [ REINFORCEMENT CdTYPE I B I C \ D \ E \ F I G I H
floor interior beams 2#5 2#8 1#7 - 2#6 1#5 - 2#6 1#5
floor spandrel beams 2#4 2#6 1#5 - 2#6 1#5 - 2#6 1#5
roof interior beams 1#7 2#6 1#5 - 2#6 1#5 - 2#6 1#5
roof spandrel beams 1#7 2#6 1#7 - 2#6 1#5 - 2#6 1#5
floor interior girders 2#8 2#8 2#7 1#8 2#8 2#7 1#6 2#8 2#7
floor spandrel girders 2#6 2#7 2#5 1#4 2#7 2#5 - 2#7 2#5
roof interior girders 2#7 2#8 2#7 1#5 2#8 2#5 - 2#8 2#5
roof spandrel girders 2#5 2#7 2#6 - 2#7 2#4 - 2#7 2#4
Table 3.3 Beam and girder reinforcement details of the Ultimate Strength Design structure.
I
MEMBER
II
REINFORCEMENT lijTYPE A [BJ C I D I E I F I G I H
floor interior beams 2#4 2#7 1#6 - 2#7 1#6 - 2#7 1#6
floor spandrel beams 2#4 .2#6' 1#5 - 2#6 1#5 - 2#6 1#5
roof interior beams 2#4 2#6 1#5 - 2#6 1#5 - 2#6 1#5
roof spandrel beams 2#4 2#6 1#5 - 2#6 1#5 - 2#6 1#5
floor interior girders 3#5 2#8 2#6 1#7 2#8 2#6 1#7 2#8 2#6
floor spandrel girders 2#6 2#6 2#6 1#8 2#6 2#6 1#8 2#6 2#6
roof interior girders 2#5 2#7 2#7 1#8 2#7 2#7 1#8 2#7 2#7
roof spandrel girders 2#4 2#6 2#6 1#6 2#6 2#6 1#6 2#6 2#6
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Shear design of beams and girders was based on the Code requirements. Typically, combinations of #3
rectangular open and closed stirrups were used to resist shear forces. The contribution to shear resistance
from bent bars was not considered in the design. Figure 3.7 is prepared to help present the transverse
reinforcement detailing. It shows a typical beam or girder line of the structure. Columns are shown as
empty squares. For each beam or girder member, three regions with different stirrup spacings can be
identified, i.e. the two support regions and the midspan region. These regions are represented with upper
case letters in Figure 3.7. Tables 3.4 and 3.5 summarize the corresponding stirrup spacings and types for
the Working Stress Design structure and the Ultimate Strength Design structure respectively. The distance
of the first stirrup from the support is also given. The shear design requirements of theWorking Stress
Design method allowed no stirrups in some members. However, stirrups are needect-t<l--Support top
longitudinal bars near the supports. The #3 stirrup closure bars were used for all open stirrups supporting
more than 2 longitudinal bars. On the other hand, all stimlps must be supported by longitudinal bars at
their comers. At midspan, two bars were lapped to the main top bars to serve as stirrup support bars.
Also at the bottom, two bars were lapped to the main longitudinal bars as stirrup support bars, where
necessary. According to the requirements of the Ultimate Strength Design method, at least four #4
longitudinal bars are necessary at the stirrup comers to resist torsion in spandrel beams and girders. In
all other beams and girders #3 bars were used as stirrup spacers and support bars. As recommended by
the Advisory Panel, a minimum of #3 open and closed stirrups at 12 inch spacing were provided in all
interior girders and spandrel girders respectively along their entire lengths.
2S
Table 3.4 Transverse reinforcement detailing of the Working Stress Design structure.
~I REINFORCEMENT I STIRRUPA I B I C I D I E TYPE
.
floor interior 3#3@12" 5#3@12" 5#3@12"
-
- open
beams first@5" first@6" first@6"
floor spandrel 3#3@12" 5#3@12" 5#3@12"
-
- open
beams first@5" first@6" first@6"
roof interior 3#3@12" 5#3@12" 5#3@12"
-
- open
beams first@5" first@6" first@6"
roof spandrel 3#3@12" 5#3@12" 5#3@12"
-
- open
beams first@5" first@6" first@6"
floor interior 4#3@9" 7#3@13" 12#3@9" 4#3@9"
13#3@12.5" open
girders first@4.5" first@4.5" first@4.5"
floor spandrel 5#3@12" 5#3@12" 5#3@12"
10#3@12" 10#3@12" closed
girders first@6" first@6" first@6"
roof interior 14#3@12.5" 7#3@9" 5#3@12"
- 10#3@12" open
girders first@6" first@4.5" first@6"
roof spandrel 5#3@12" 5#3@12" 5#3@12"
10#3@12" 10#3@12" closed
girders first@6" first@6" first@6"
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Table 3.5 Transverse reinforcement detailing of the Ultimate Strength Design structure.
~I REINFORCEMENT I~A I B I C I D I E
floor interior 7#3@6.5" 10#3@6.5" 10#3@6.5"
-
- open
beams first@2" first@2" first@2"
floor spandrel 4#3@11" 10#3@6.5" 6#3@11"
-
- closed
beams first@2" first@2" first@2"
roof interior 4#3@11" 11#3@5.5" 6#3@11"
-
- openbeams first@2" first@2" first@2"
roof spandrel 4#3@11" 11#3@5.5" 6#3@11"
-
- closedbeams first@2" first@2" first@2"
floor interior 12#3@9.5" 14#3@7.5" 12#3@9.5"
2#3@12" 1#3@12" opengirders first@2" first@2" first@2"
floor spandrel 14If3@11" 10#3@9.5" 5#3@11"
- 12#3@11" closedgirders first@2" first@2" first@2"
roof interior 12#3@8.5" 12#3@8.5" 12#3@8.5"
3#3@12 3#3@12" opengirders first@2" firstqY2" first@2"
roof spantlrel- 16#3@11" 8#3@8.5" 5#3@11"
-
. 12#3@11" closedgirders first@2" first@2" first@2"
3.4.3 Column Design and Detailing
Typical interior, exterior and comer colunms were designed at each floor level. The column schedules
for the Working Stress Design and the Ultimate Strength Design structures are shown in Figures 3.8 and
3.9 respectively. Column axial loads were detemlined according to their tributary areas. Bending
moments were calculated by distributing the unbalanced beam and girder moments according to the
colunm stiffness above and below the joint. Colunm sections were designed based on the ACI 318 design
27
requirements. In the Working Stress Design method, interior and exterior columns were designed for
uniaxial bending plus axial load. Biaxial bending was considered only for comer columns. According
to the Ultimate Strength Design requirements of the 1963 ACI 318 Code, biaxial bending had to be
considered for all columns. For most of the lower story columns, the minimum eccentricity requirement
(0.16 times the column depth) of this edition of the Code governed. The column design tables produced
by the Portland Cement Association (1967) were used in the ultimate strength design of columns.
Square sections were designed for all columns. Longitudinal reinforcing steel distributions were taken
from the ACI 315 Detailing Manual. A limiting longitudinal reinforcing steel ratio of 2% was used for
the design of the first prototype structure using the Working Stress Design method. According to the
Ultimate Strength Design requirements of the 1963 Code, longitudinal reinforcing steel ratios up to 8%
can be used. However, columns of the second prototype were designed with longitudinal reinforcing steel
ratios within 50% of the first prototype. It was assumed that in the Ultimate Strength Design method,
engineers would not design columns with longitudinal reinforcing steel ratios too much different than what
they used in the Working Stress Design method.
The top story exterior and corner columns were not designed to carry the high bending moments that were
predicted from analysis. Instead, column moments were redistributed to the roof beams and girders.
Columns were provided with #3 ties spaced according to the ACI 318 Design Code. Tie distributions
were taken from the ACI 315 Detailing Manual. A splice length of 20 times the maximum longitudinal
bar dian1eter was used in all columns.
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Figure 3.6 Flexural reinforcement detailing in beams and girders.
Figure 3.7 Distribution of transverse reinforcement in beams and girders.
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Figure 3.8 Column schedule for the Working Stress Design structure.
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Figure 3.9 Colwnn schedule for the Ultimate Strength Design structure.
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CHAPTER 4
MODELING OF PROTOTYPE STRUCTURES
4.1 INTRODUCTION
This chapter discusses the procedure used to model the prototype structures for the lateral load analyses.
Section 4.2 describes the estimation of in-situ material properties of concrete and reinforcing steel.
Section 4.3 is a review of several concrete confmement models considered in the stress-strain relation of
girder and colmnn concrete. A series of gravity load analyses performed on the prototype structures are
discussed in Section 4.4. Section 4.5 describes the generation,.~f moment-curvature relationships for girder
and column sections. Finally, Section 4.6 summarizes the techniques adopted in the determination of girder
and column flexural properties.
4.2 MATERIAL PROPERTIES
4.2.1 Concrete Properties
Concrete properties that are discussed in this section include compressive strength (Section 4.2.1.1),
modulus of rupture (Section 4.2.1.2) and modulus of elasticity (4.2.1.3). Concrete compressive strength
and modulus of elasticity were necessary to estimate the flexural properties of girder and column sections
of the prototype structures. Modulus of rupture was used in the estimation of the cracking moment
required in the gravity load analysis. In-situ conditions during the construction stage, as well as at other
stages during the service life of the structure, were considered.
4.2.1.1 Compressive Strength
The strength of concrete in a structure may differ from its design strength and may not be uniform
throughout the structure. Two different approaches were used to estimate the 28-day strength of in-situ
concrete. These will be discussed separately and then compared.
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Method 1
In Method I, the 28-cIay compressive strength of in-situ concrete was estimated as the design strength
multiplied by correction factors to account for the over-strength design of the concrete mixture and the
effect of field conditions.
The 1956 edition of the ACI 318 Code, requires the following procedure for determining the proportions
of cement, aggregate and water to attain the required design strength of concrete:
"...Where previous data are not available, concrete of proportions and consistency suitable for the
work shall be made using at least 3 different w/c ratios which will produce a range of strengths
encompassing those required for the work....For each w/c ratio, at least 3 specimens shall be
made and cured and tested for strength under standard laboratory conditions...A curve shall be
established showing the relationship between w/c ratio and compressive strength. The maximum
permissible w/c ratio for the concrete to be used in the structure shall be that shown by the curve
to produce a strength 15% greater than called for on the plans..."
TIle 1956 Code also required concrete compressive strength tests during the progress of the work. At least
3 specimens were made for each test, and not less than one test was made for each 250 cubic yards of
concrete, but in no case less than one test was made for each day's concreting. Specimens were nlade
from sampled concrete in the field, laboratory-cured and tested under standard conditions at an age of 28
days. The average strength of the laboratory-cured specimens representing each class of concrete, as well
as the average of any five consecutive strength tests representing each class of concrete was required to
be equal to, or greater than, the specified strength, and not more than one strength test in ten could have
an average value less than 90% of the specified strength. Note that these requirements are for the
specified strength of l.l 5fc' and not for the design strength.
Based on the above, an average compressive strength of 1.15f'c was assumed for the concrete mixture,
when cured and tested under standard laboratory conditions. The actual in-situ strength of concrete will
be different due to the effect of field conditions.
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Table 4.1 gives a comparison of the in-situ concrete in the structure, and the concrete sampled from the
field mixture and cured and tested under standard conditions.
Table 4.1 Comparison between sample concrete and in-situ concrete.
I Criteria II Sample concrete I In-situ concrete I
materials same as job specified concrete same
proportions of cement,
same as job specified concrete same
aggregate and water
age 28 days (ASTM, 1961) same
7 days (ACI 318,
curing duration 28 days (ASTM, 1961)
1956)
60°-80°F during the first 24 hours.
curing temperature same
73.4±3.0°F after 24 hours (ASTM, 1961)
Note that the curing temperature depends on many factors that are hard to control, such as ambient
temperature. However, it was assumed that the in-situ concrete had curing temperatures similar to the
standard value. The curing temperature can be considered as a parameter which needs to be studied
further.
The remaining major difference between the sanlpled concrete and the in-situ concrete is tile curing
duration. The influence of curing duration is shown in Figure 4.1 (from PCA, 1968). For 7 days of
curing, the strengtil is given as 94% of tile 28-day moist cured concrete strength. Although the specified
minimum curing duration is 7 days (ACI 318, 1956), it is possible that the curing duration for some
concrete will be less than 7 days. For 3 days of curing, concrete compressive strength is about 81 % of
tile 28-day moist-cured concrete strength. In this study, it is assumed timt concrete in the prototype
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structures would have been properly cured for 7 day duration. As a result of the above, the expression
for the in-situ concrete 28-day compressive strength as a fimction of the design strength, f c can be written
as:
Ie ~ (0.94) (Ll5) l'e (4.1)
The estimated in-situ concrete compressive strength values for the prototype structures, based on Method
I (Eqn. 4.1), are given in Table 4.2.
Table 4.2 Design and estimated in-situ concrete strength based on Method 1.
I Location I Design 28-day strength In-situ 28-day strength
column concrete 3750 psi 4050 psi
girder concrete 3000 psi 3250 psi
,
Method 2
Method 2 used tlIe expression developed by Mirza et al. (1979) to estimate the in-situ 28-day strength of
concrete. Mirza et aI. reviewed the variability of strength and stiffness of normal-weight structural
concrete and suggested representative distributions for use in estimating fue effect of fuese variations on
the strength of reinforced concrete elements. Their paper is based on data obtained from a number of
published and unpublished sources and involves no additional laboratory tests.
Mirza et al. define tlIe major sources of variations in concrete strengtlI as tlIe variations in material
properties and proportions of fue concrete mixture, fue variations in mixing, transporting, placing and
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curing methods, the variations in testing procedures, and variations due to concrete being in a structure
rather than in control specimens.
Mirza et al. suggest that the mean 28-day strength of concrete in a structure for minimum acceptable
curing can be expressed as:
Ie = O.6751'e + 1100 '"' 1.151',.
where the concrete strength is given in psi.
(4.2)
Mirza et al. refer to other papers for the origin of the above expression. However, none of these papers
give explicit information about how the expression was developed. Mirza et al. report that the reduction
in the in-situ strength of concrete is partially offset by the requirement that the average cylinder strength
must be about 700 psi-900 psi greater than the design strength to meet the existing design Code (ACI 318,
1977). These over-strength values are higher than the values obtained from the over-strength factor of
I.l5 specified in the 1956 edition of the ACI 318 Code. The proposed expression also assumes a
"minimum acceptable curing" duration of 7-days. This value is the same with the requirement of the 1956
ACI Code.
The estimated in-situ concrete compressive strength values, based on Method 2 (Eqn. 4.2), are given in
Table 4.3.
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Table 4.3 Design and estimated in-situ concrete strength based on Method 2.
I Location I Design 28-day strength In-situ 28-day strength
column concrete I 3750 psi 3650 psi
girder concrete 3000 psi 3100 psi
Comparison of Methods to Estimate Compressive Strength
The results from Method 2 were adopted for the modeling of prototypes. Although Method I is based
on sound assumptions, it does not consider some factors which are included in the Method 2 such as the
effects of difference in size and shape, the effects of different stress regimes in the structure and the
specimens, and the effects of vertical migration of water during the placing of concrete in deep members.
Mirza et al. consider tllese effects and discuss various test results to compare the in-situ strength versus
control cylinder strength.
Method 1 assumes that the average strength of field-cast laboratory-cured specimens is the sanle with the
job specified strength of concrete, i.e. 1.15['(" In reality this may not be correct. Mirza et al. consider
tJle effects of the degree of site control and recognize that the strength of field-cast laboratory-cured
specimens may be less tllan the job specified strengtJl depending upon the site conditions.
Finally, Mirza et al. give tlle in-situ strength as ilie product of a correction factor smaller ilian unity and
the design strength plus a constant. lllis approach has a distinct advantage over simply multiplying the
design strengtJl with a correction factor larger than unity. Mirza et al. report that the ratio of the strength
of concrete in a structure to the strengtll of the same concrete in a standard cylinder is not constant and
decreases as ilie strength level increases. Method I cannot model this behavior.
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Age Effects on Compressive Strength
Both for the gravity load analyses and for lateral load analyses, the in-situ concrete compressive strength
at various ages of the structure need to be considered. The concrete compressive strength at the present
time is necessary for the lateral load analyses of the prototype structures. Concrete compressive strengths
at intermediate ages are also required to include the effect of load history in the gravity load analyses.
This issue is discussed in more detail in Section 4.4.
Expressions for the time-dependent concrete compressive strength as a function of the 28-day strength are
available (Branson, 1977; ACI 209,1971). TIle expression for moist-cured normal weight concrete takes
the following form:
where t is age in days. This relationship is shown in Figure 4.2 (from Branson, 1977).
Table 4.4 gives the in-situ concrete compressive strengths at various ages.
Table 4.4 Estimated in-situ concrete strength at various ages.
(4.3)
I
Location
II
3-day , 28-day I Present I
column concrete 1650 psi 3650 psi 4300 psi
girder concrete 1450 psi 3100 psi 3700 psi
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4.2.1.2 Modulus of Rupture
Mirza et al. present analyses of available test results of standard cylinders and modulus-of-rupture beams
with third-point loading, to develop equations for the strength of concrete in flexural tension. The
following expression is given as closest to the regression equation based on the available data.
(4.4)
where concrete strength is in psi.
It is also suggested by Mirza et al. that it is reasonable to assume that the in-situ tensile strength of
concrete can be predicted by using Eqn. 4.2 in the determination of (.
The estimated in-situ modulus of rupture values are presented in Table 4.5.
Table 4.5 Estimated modulus of rupture of concrete at various ages.
\
Location
\1
3-day I 28-day I
column concrete 350 psi 500 psi
girder concrete 300 psi 450 psi
4.2.1.3 Modulus of Elasticity
Based on recent research at Cornell University, the following expression for the modulus of elasticity, i.e.
the slope of the initial straight portion of the stress-strain curve, is recommended for normal density
concretes (Nilson and Winter, 1991):
\
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E = 40000 (.f) 1/2 + I(){)(){)(){)
c Vc
where Eo and fc are in psi.
The calculated in-situ modulus of elasticity values are given in Table 4.6.
Table 4.6 Estimated in-situ modulus of elasticity of concrete at various ages.
(4.5)
I
I
II I I ILocation 3-day 28-day Present
column concrete 2650 ksi 3400 ksi 3600 ksi
~
girder concrete 2500 ksi 3250 ksi 3450 ksi
4.2.2 Reinforcing Steel Properties
A knowledge of the strain-stress relationship of reinforcing steel is essential to the modeling of the
prototype stmctures. In the linear range it is sufficient to know only the initial slope of the stress-strain
curve, i.e., the modulus of elasticity. However, in order to understand and describe the complete response
of the stmcture, the complete stress-strain relationship must be known.
In reinforced concrete structures, the reinforcing bars are almost always subject to direct axial stress in
tension or compression. These conditions can be simulated in simple coupon tests. Stress-strain curves
for steel used in reinforced concrete construction exhibit an initial "elastic" portion, a yield point beyond
which strain increases with little or no increase in stress, and a "strain hardening" range in which stress
increases again with increase in strain.
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These properties are reported for intermediate-grade steel (Blume et al., 1961). A typical stress-strain
curve for an intermediate-grade reinforcing bar is shown in Figure 4.3 (adapted from Blume et aI., 1961).
Note that intermediate-grade steel was used in the design of the prototype structures. Ordinarily, an
intermediate-grade reinforcing bar develops a stress of about 45000 psi at yield and a maximum stress of
about 70000 psi. The yield strain is about 0.0015 and the strain at the initiation of strain hardening varies
between 0.015 and 0.030. The maximum stress is reached at a strain of approximately 0.15, and fracture
at a strain of about 0.20. Thus, the strain in the plastic portion of the stress-strain curve, the range
between yield and strain hardening, is about 10 to 20 times the elastic range. The strain in the portion
of the curve beyond strain hardening is about 8 times the plastic range, and over 100 times the elastic
range.
4.3 CONCRETE CONFINEMENT MODELS
Concrete stress-strain curves were needed to generate moment-curvature relationships for critical column
and girder sections. Concrete stress-strain behavior plays an important role on the section moment-
curvature relationship, especially when the moment capacity of the section is governed by concrete failure.
Tllis section summarizes the procedures adopted in the development of the stress-strain relationships for
column and girder concrete. The properties of the compressive stress block of a concrete flexural member
depend on the shape of the stress-strain curve for concrete.
Moment-curvature relationships for various critical sections of a member were generated using the
RCCOLA program. TIle numerical procedure used by the program to generate these non-linear
relationships is explained in Section 4.5. In this numerical procedure, the concrete stress-strain curve is
used to obtain the total compressive force developed in tile section under the effect of combined axial load
and bending. This is an iterative procedure which involves numerical integration under the concrete stress
distribution curve.
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The RCCOLA program has several options for the generation of the concrete stress-strain relationship.
Each option represents a concrete confmement model. These confmement models are:
I. Kent and Park Model (Kent and Park, 1971)
2. Blume, Newmark and Corning Model (Blume et al., 1961)
3. Scott, Park and Priestley Model (Scott et aI., 1982) and
4. Sheikh and Uzumeri Model (Sheikh and Uzumeri, 1982)
Alternatively, the user can define his or her own concrete stress-strain curve.
The concrete in members with transverse reinforcement (such as tied columns) consists of cover
(unconfined) concrete and core (confined) concrete. The load carrying behavior of confined concrete is
generally different from that of plain concrete cylinders or prisms because the behavior will be affected
by the thickness of cover and the spacing of transverse reinforcement. With transverse reinforcement,
strength and ductility of concrete are generally improved depending upon the degree of confinement. The
stress-strain relationship of confined concrete is a function of many variables. Numerous studies have
been done on the behavior of concrete confined by transverse reinforcement. The main factors considered
in these studies are: I) type and strength of concrete; 2) amount and distribution of longitudinal
reinforcement; 3) amount, spacing, and configuration of transverse reinforcement; 4) size and shape of
confined concrete; 5) ratio of confined area to gross area; 6) strain rate; 7) strain gradient; 8)
supplementary crossties; 9) cyclic loading; 10) characteristics of lateral steel; and 11) level of axial load
in the case of flexural behavior.
A comparative study by Sheikh (1982) shows that most of the analytical models developed are effective
only to interpret their own test results or data used. TIle model by Sheikh and Uwmeri (1982) considers
45
the distribution of both longitudinal and lateral steel in a column and Sheikh (1982) also reports that it
predicted results of a large variety of tests better than other models.
The four models included in the RCCOLA program were evaluated for suitability for use in lightly
reinforced column and girder members.
4.3.1 Kent and Park Model (1971)
On the basis of existing experimental evidence, Kent and Park (1971) proposed the stress-strain curve
shown in Figure 4.4 (adapted from Kent and Park, 1971) for concrete confined by rectilinear ties. The
ascending part of the proposed curve is represented by a second degree parabola and is unaffected by
confinement. Peak stress and strain values are given as fIe and O.CX)2. The falling branch of the curve
is a straight line whose slope is a function of concrete cylinder strength, fe' ratio of width of confined
concrete to spacing of ties, and ratio of volume of tie steel to volume of concrete core. This slope is
specified by determining the strain when the concrete stress has fallen to O.S of maximum stress, £50(" The
strain £SOc can be calculated as the summation of EsOu and £SOh. As shown in Figure 4.4, £sou is the strain
.
at O.Sfe on the falling branch of the unconfined concrete and depends on the concrete cylinder strength,
fe- The additional strain at SO% of the maximum stress on the falling branch is denoted by £SOh. Its
value depends on the ratio of width of confmed concrete to spacing of ties, and ratio of volume of tie steel
to volume of concrete core. The descending part of the curve extends to 0.2f/" beyond which a horizontal
line represents the concrete behavior. This model suggests that confinement due to rectilinear ties does
not enhance concrete strength. The effect of confinement on ductility is recognized. Figure 4.S (adapted
from Kent and Park, 1971) shows the influence of transverse ties on the stress-strain curve of concrete
where p" is the transverse reinforcement ratio. It is evident that the model predicts a great improvement
in the post peak stress-strain behavior at small contents of ties, but that the improvement becomes
progressively less significant as more ties are added.
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4.3.2 Blume, Newmark and Corning Model (1961)
No information on this model could be found in literature other than the book by Blume et al. (1961) in
which the model is explained. Comparison with other models is not available. The model is based on
tests of concrete cylinders loaded axially to failure while subjected to various intensities of lateral fluid
pressure. How well tlle applied fluid pressure simulates tl1e actual confinement provided by transverse
reinforcement is not clear. This model does not seem to be suitable for use in tl1e present analyses.
I
4.3.3 Scott, Park and PriestJey Model (1982)
The stress-strain relation for concrete confined by. rectangular hoops proposed by Kent and Park (1971)
was derived from tests with low strain rates. Scott et a1. (1982) modified tl1is relation to include tl1e effect
of high strain rates on confmement. On the basis of tl1e observed stress-strain behavior in the tests carried
out, it was found out tl1at tl1e Kent and Park stress-strain relation can be adopted for the high strain rate
by applying a multiplying factor of 1.25 to tl1e peak stress, the strain at tl1e peak stress, and slope of the
falling branch. This model was not used due to relatively low strain rates applicable to this study.
4.3.4 Sheikh and Uzumeri Model (1982)
In tl1is model the increase in strength of confined concrete is calculated on the basis of effectively
confined concrete area, which is less than tl1e core concrete area enclosed by the center line of the
perimeter tie.
A stress-strain relationship for confined concrete, as shown in Figure 4.6 (adapted from Sheikh and
Uzumeri, 1982) was proposed. The first part of the curve up to a strain of £'1' is a second degree
parabola. Between £'1 and £'2' tl1e curve has a horizontal straight line portion. Beyond £'2' tlle
descending part of the curve is a straight line which continues to decrease to 30% of the maximum stress
fcc, after which a horizontal line represents the concrete behavior. Four expressions are given to define
the curve completely. The four values are K" ratio of the strengtl1 of confined concrete to the strengtll
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of unconfined concrete; E'l and E,2' the minimum and maximum strains corresponding to the maximum
stress in concrete; and £"85' the strain corresponding to 85% of the maximum stress on the descending part
of the curve.
The following variables were considered in the development of this model: volumetric ratio of lateral
reinforcement to concrete core; distribution of longitudinal steel around the core perimeter and the
resulting tie configuration; tie spacing; characteristics of lateral steel; and strength of plain concrete. The
amount of longitudinal steel was treated as having no significant effect on the behavior of confined
concrete.
Sheikh (1982) reported that this model predicts test results better than the other models studied, both for
axial load only and for combined axial and flexural loads.
<;
4.3.5 Unconfined Concrete Stress-Strain Relationship
In order to have a better understanding of the effect of confinement on concrete stress-strain behavior,
unconfined concrete stress-strain relationships obtained beyond the peak stress were needed.
Wang et al. (1978) obtained experimentally the compressive stress-strain CliVes of plain concrete
specimens up to a strain of 0.006 and developed an analytical relationship for the measured curves. The
stress-strain curves were obtained from testing nonnal weight concrete cylinders with compressive strength
varying from 3000 to 11000 psi. One of the reasons why there is insufficient experimental or analytical
information on the shape of the stress-strain curve beyond the peak stress is the difficulty in
experimentally measuring the descending portion of the curve. Wang et al. used a simple technique to
obtain the stress-strain CliVe of concrete up to the strain of 0.006. Concrete cylinders were loaded in
parallel with a steel tube such that uncontrolled, sudden failure immediately after the peak load was
prevented.
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An analytical expression for the stress-strain curve of concrete was de~eloped to reflect experimental
results. The expression has four constants which depend on the properties of both the ascending and the
descending portions of the stress-strain curve and can be evaluated from the knowledge of four key points
of the curve. The coordinates of the four key points are expressed as a function of the compressive
strength of concrete so as to allow prediction of the entire curve solely from the knowledge of the
compressive strength. Comparisons with available results show that the analytic expression is quite
satisfactory up to a strain of 0.006. It is also reported that the expression gave acceptable results when
compared with a limited number of experimental stress-strain curves measured up to a strain of 0.020.
4.3.6 Girder and Column Concrete Stress-Strain Behavior
In general, column and girder concrete stress strain curves will show different properties. This is due to
a combination of factors as explained below.
The amount, spacing and configuration of transverse steel and the distribution of longitudinal steel plays
an important role on concrete behavior. In general, column and girder sections have different
arrangements of transverse and longitudinal reinforcement. Column lateral reinforcement consists of
closed ties of different amount, spacing and configuration. This lateral reinforcement may be placed about
the perimeter of the cross-section and also may traverse the cross-section. On the other hand, girder
transverse reinforcement is in the form of open or closed stirrups and is usually placed only about the
perimeter of the cross-section. Columns usually have more evenly spaced longitudinal steel than girders
due to bending moments in two principal directions.
Sakai and Sheikh (1989) report that the confined concrete behavior depends on the axial load level and
the strain gradient. In general, colwnns are subject to axial load and bending whereas girders are subject
primarily to bending. Columns have higher axial loads and lower strain gradients than girders. The
presence of strain gradient improves the stress-strain behavior of concrete by reducing the slope of the
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falling branch of the curve. It is also pointed out (Sakai and Sheikh, 1989) that the strength of concrete
is reduced when it is subjected to tensile strains in the lateral direction caused by high axial loads.
It follows from the above discussion that different type of tests and specimens may be needed to develop
confinement models for column and girder concrete.
4.3.7 Selection of Confinement Models for Girders and Columns
Two models, namely Kent and Park model (1971) and Sheikh and Uzumeri model (1982) were selected
for use in this study. The type of tests, parameters, specimens and assumptions these mcxiels were based
on, played an important role in the selection process. These issues are discussed in the following
paragraphs. The Kent and Park mcxiel was used to generate stress-strain curves for the girder concrete,
and the Sheikh and Uzumeri model was used to generate stress-strain curves for the column concrete.
The Kent and Park model used existing experimental evidence (Kent and Park, 1971) for the compressive
stress-strain curve for concrete confined by transverse steel hoops to determine the properties of the
compressive stress block of flexural members with confined concrete at various strain levels. Results from
both rectangular and square specimens with lateral dimension between 3 to 6 inches were used. Some
specimens were eccentrically loaded with the neutral axis held near tension side. Axially loaded
specimens without longitudinal steel were also analyzed. Tie spacings were in the range of 2 to 8 inches.
Volumetric ratios of lateral steel in the fOilll of closed hoops to concrete core were between 0.35% to
2.39%. The confined concrete stress-strain relationship developed was mainly for flexural members with
typical cross-section as shown in Figure 4.7 (adapted from Kent and Park, 1971). As noted above, the
Kent and Park model was used to generate the stress-strain curves of girder concrete.
TIle stress-strain relation of the Sheikh and Uzumeri model used previous test results (Sheikh and
Uzumeri, 1980) from twenty four 12"x12", 6 feet 5 inch highly reinforced concrete columns tested under
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monotonic axial compression. Details of test specimens are shown in Figure 4.8 (adapted from Sheikh
and Uzumeri, 1980). Tie spacings were in the range of 1.13 to 4 inches with volumetric ratios between
0.76% to 2.40%. This model was used to generate the stress-strain curves for column concrete.
4.3.8 Comparison of Test Specimens with the Prototype Structures
In the first prototype structure (designed using the Working Stress Method), the roof girders were 15"x24"
and floor girders were 15"x27" in cross-section. Closed stirmps at 12 inch spacing were used at all
spandrel girders. Interior girders had open stirmps at spacings varying between 9 to 12 inches.
Transverse steel volumetric ratio changed between 0.23% and 0.32%. It can be seen that the test
specimens of the Kent and Park model were more heavily confined that the actual girders. This required
further considerations to be taken before a final decision was reached. Longitudinal steel arrangements
were similar in the test specimens and the actual girders.
Column cross-sections changed between 14 to 32 inch square sections. Tie spacings were in the range
of 12 to 18 inches with configurations similar to the test specimens of the Sheikh and Uzumeri model.
Transverse steel volumetric ratios were between 0.18% to 0.50%. Similar to girders, the test specimens
were much more heavily confined than the columns of the Working Stress Method prototype structure.
A similar discussion is also valid for the second prototype structure designed using the Ultimate Strength
Method.
4.3.9 Results
Stress-strain relationships for typical column and girder concrete of the 12 story stmcture were generated
using the RCCOLA program. The unconfined concrete stress-strain expressions were developed using
the method developed by Wang et a1. (1978). Two sets of plots were generated from the obtained data.
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)Figure 4.9 presents three curves for girder concrete. One curve is for unconfined concrete using the
expression developed by Wang et al. (1978). The other two curves represent data from the Kent and Park
model with different tie spacing, s. One curve is for confined concrete with 12 inch tie spacing (s = 12
inches) and the other is for unconfined concrete (s = 0 inch).
Figure 4.10 presents four curves for column concrete. One curve is for unconfined concrete using the
expression developed by Wang et a!. (1978). The other three curves represent data from the Sheikh and
Uzumen model for tie spacings of s =4 inches, s = 12 inches and s = 18 inches.
When the two sets of curves are examined some common observations can be made. The unconfined
concrete stress-strain curve by Wang et a!. has more ductility than the curves generated by the Kent and
Park, and the Sheikh and Uzumeri models for lightly confined girder (s =12 inches) and column (s =18
inches) concrete. This is contradictory to common sense. A second observation is the relatively lower
modulus of elasticity for both girder and column concrete when the equation by Wang et al. is used.
These modulus of elasticity values were compared with values obtained from the Kent and Park, and the
Sheikh ~chJzurneri models as well as from expressions found in the literature (Nilson and Winter, 1991;
Mirza et a!., 1979; ACI 318, 1989). The differences found were as high as 40%. Modulus of elasticity
values from some of the original specimens used by Wang et al. were also obtained. It seems that the
concrete used in tllOse specimens also had a low modulus.
As a result of the above discussion it seems tl13t none of the models can be used without modification.
The model by Wang et al. is not appropriate because of the low modulus of elasticity. Instead, tlle Kent
and Park, and Sheikh and Uzurneri models were modified. The ascending and descending parts of the
two models were retained but tlle residual strengths were discarded. The descending parts of the models
were linearly extrapolated to a very small stress value. These modifications are shown as dashed lines
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in Figures 4.9 and 4.10. The actual moment-curvature analyses for column and girder sections were
carried out by defining these modified concrete stress-strain relationships in RCCOLA.
4.4 GRAVITY LOAD ANALYSES
Gravity load analyses were performed on the top three stories of the Working Stress Design prototype
structure to determine the member stiffuesses and the distribution of forces in the structures at the
beginning of the application of lateral force. As will be described, these gravity load analyses were
necessary for proper girder and column mooeling in the lateral load analyses. The DRAlN-2DX program
(Prakash and Powell, 1992) was used in the lateral load analyses of the prototype structures.
Due to limitations in the DRAlN-2DX program, the girders and beams were I~deled in segments. These
limitations and the methods used for girder mooeling are explained in Section SA. Girders and beams
could not be modeled effectively without some knowledge of the potential critical sections along their
lengths. The locations of these critical sections depend upon the state of forces in the structure under the
action of gravity loads.
In order to model columns for DRAlN-2DX analyses, moment-curvature relationships for each column
had to be generated. Moment-curvature behavior depends on the axial load level acting on the colunms.
The axial forces in the colunms after the application of the lateral loads depend on the axial forces prior
to the application of the lateral loads, i.e. under gravity load effects. These initial axial load levels were
obtained from gravity load analyses.
DRAlN-2DX program cannot accommodate distributed loads during an inelastic analysis run. Therefore,
the distributed gravity loads were modeled as concentrated loads applied to the nodes connecting girder
or beam segments. The structure needs to be brought to the correct state of stress under the effect of
S3
these concentrated loads which model the distributed gravity loads. If the results of the gravity load
analyses through an elastic analysis nm are known beforehand, the modeling can be done more accurately.
4.4.1 Flexural Stiffness
4.4.1.1 Effective Moment of Inertia
The distribution of forces in a continuous frame depends on the relative stiffness of its members. If EI
is constant this is a relatively routine process. For reinforced concrete, however, the influence of cracking
on the moment of inertia values must be considered. If the maximum moment in a flexural member, M
a
I
is small, the tension stress in the concrete may not exceed the modulus of rupture f
r
, so no flexural tension
cracks will occur. The full, uncracked section is then available for resisting stress and providing rigidity.
The effective moment of inertia for this low range of loads is that of the uncracked, transformed section
lUI' At higher loads, flexural tension cracks are fomled. In the region of flexural cracks the position of
the neutral axis varies. Directly at each crack, the neutral axis is located at the level calculated for tlle
cracked, transformed section. At locations between cracks, the neutral axis dips to a location closer to
that calculated for the uncracked transformed section. Thus, the moment of inertia is tllat of the cracked
transformed section in the immediate vicinity of flexural-tension cracks, and closer to fuat of fue
uncracked transformed section at locations between cracks.
Figure 4.11 (adapted from MacGregor, 1988) is an idealization of the expected distribution of EI along
a uniformly loaded fixed-ended beam. The EI varies from the wlcracked value in regions where the
moment is less than the cracking moment, to a partially cracked value in regions of high moment Since
the use of such a distribution of I values would make the calculations tedious, an overall average or
effective I value is used. For a simply supported beam, ACI Committee 435 (1966) suggests the
following equation to express the transition from lUI to t:
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M MI = (----E.)3 I + (1 - (----E.)3) I -< I
e M ul M cr - UI
a a
(4.6)
where Icr is the moment of inertia of the cracked transfomled section. For simplicity, the moment of
inertia of the gross concrete section Ig, is used instead of lUI> ignoring the small increase in the moment
of inertia due to reinforcement.
In Figure 4.12 (adapted from Nilson and Winter, 1991), the effective moment of inertia, given by Eqn.
4.6 is plotted as a function of the ratio M../Mcr (the reciprocal of the moment ratio used in the equation).
It is seen that, for values of maximum moment, M. less than the cracking moment M
c
" Ie = I
ul' With
increasing values of M" I" approaches I", and for values of MiMcr of 3 or more, Ie is almost the same
as \:f"
As described above, the effective moment of inertia for an individual member is based on the maximum
moment in the member. The moment diagram for a member depends, however, on the moment of inertia
for each member in an indeterminate frame. An iterative procedure was used to perform the gravity load
analyses, initially basing the frame properties on uncracked concrete members, determining the moments,
calculating effective I values for all members, then recalculating moments, adjusting the I values, etc. The
procedure was continued until changes were not considered significant. Equation 4.6 was used to model
the continuous beams and girders in the prototype structures. It was found that, due to the interdependent
nature of stiffuess and bending moment, the iteration process converged most quickly if the adjusted value
of the moment of inertia was chosen between the previous moment of inertia and the computed value
using Eqn. 4.6. As can be seen from the cubic nature of Eqn. 4.6 and also from Figure 4.12, the effecbve
moment of inertia changes more rapidly than the maximum moment. Therefore, the chosen moment of
inertia was less than the average of the previous value and the computed value.
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In the prototype stmctures the spans are continuous, so the moment diagram for a given span will include
both negative and positive bending regions. The girders were divided into three segments at their points
of inflection such that each segment was in single curvature. The shape of the moment diagram for the
midspan segment was the same with that of a simply supported beam. This allowed the use of Eqn. 4.6
in the calculation of Ie for midspan sections. The maximum moments in the support segments did not
exceed the cracking moment, M.:r. Thus, the moment of inertia of the gross concrete section, Ig was used
for the support segments.
A different approach was employed for the columns, since less cracking is anticipated in the colwnns as
compared to the beams and girders. To approximate column moments of inertia, the Ie values obtained
from Eqn. 4.6 were arbitrarily increased by 5%. In view of the approximate nature of Eqn. 4.6, this is
assumed acceptable.
4.4.1.2 Effect of Load History on Flexural Stiffness
In the gravity load analyses, the dead load of the structure was taken as the self-weight of the concrete
franle. The actual live loads on a structure will normally be much less than the design live loads, since
the full live load rarely occurs on the entire floor at the same time. In this study, 25% of the design live
load was used as a more realistic estimate of the actual live load. In the application of Eqn. 4.6, attention
must be paid to the load history, i.e. the time sequence in which loads are applied, as well as to the
magnitude of tile loads. Reinforced concrete flexural members crack, generally at loads well below
service level, and possibly even prior to loading, due to restrained shrinkage and constmction loads.
TIle loss of stiffness due to cracking is irreversible. This is illustrated in Figure 4.13 (adapted from Nilson
and Winter, 1991), which shows the load-deflection plot for a building girder that is designed to carry a
specified dead and live load. As the full dead load Wd is applied, the load deflection curve follows the
path 0-1, and the corresponding lei is calculated from Eqn. 4.6 with M, ::: M.t. As live load is t1len
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applied, path 1-2 is followed, and the corresponding Ie2 is calculated using M. = Md+l• As the live load
is removed, path 2-3 is followed, indicating a permanent reduction in stiffness as the dead load deflection
has now increased from point 1 to point 3 on the curve.
The irreversible nature of the loss of stiffness is important for the gravity load analyses. Although 25%
of the design live load is a realistic estimate of the actual live load, it is also likely that the structure is
subjected to other more critical short term loads during its life, particularly during construction. The
flexural stiffness of the members will be governed by these more critical loads. If for example, during
construction, the shoring is removed before 28 days, the floor system will have to carry its weight plus
any added construction loads before the concrete gains its full strength.
To include these effects, the gravity load analyses process was divided into two steps. The first step was
used to determine the flexural stiffness of the reinforced concrete members before the earthquake event.
Different live load levels and concrete strengths (ages) were considered at this stage. In the second step,
tJ1e distribution of forces in the structure under 25% of the design live load was found using the member
flexural stiffness found in the first step. Details of the two step gravity load analysis procedure are
presented in the next section.
4.4.2 Procedure and Results
The SAP90 (Habibullal1 and Wilson, 1989) program was used for t11e gravity load analyses. The moment
of inertia of each member was input as a percentage of the gross concrete section moment of inertia, I
g
.
The iteration process, where needed, was done in the manner described in Section 4.4.1.1.
The modulus of elasticity values used for the concrete depended on the age of t11e concrete at which the
analyses were carried out. Values for concrete at 3-days age, 28-days age and present were given in
Section 4.2.1.3. The effect of reinforcement was ignored.
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Four different pattern loadings were used to obtain the maximum possible effects in the members. Each
of these patterns are shown in Figure 4.14. In all cases, all spans were loaded with full dead load. All
roof spans were loaded with full dead plus live load. In the first loading pattern all spans were loaded
with live load to obtain the maximum axial forces in the colunms. The maximum and minimum positive
girder moments were obtained from the second pattern. The third loading pattern gave the maximum
column bending moments. Finally, the maximum girder negative bending moments were obtained from
the fourth loading pattern.
4.4.2.1 Step 1
The following is a summary of the age and load levels considered and the results obtained in this step.
Trial 1: To model the construction stage, the first case considered the structure at 3-days age
under dead load only. No construction live load was considered. Convergence was obtained after 4
iterations. The following members were found to be cracked:
1) Roof girders exterior midspan, Ie =0.86 Ig
2) 3rd floor exterior colwnns, Ie =0.78 Ig
Trial 2: The second case considered full design live load on the structure at 28 day strength.
Convergence was obtained after 3 iterations. The following members were found to be cracked:
I) Roof girders exterior midspan, Ie =0.99 Ig
2) Floor girders exterior midspan, Ie =0.92 Ig
3) 3rd floor exterior columns, Ie = 0.83 Ig
4) 2nd floor exterior columns, Ie = 0.87 Ig
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Trial 3: The third load case considered 75% of the design live load on the structure at 28 days
strength. Convergence was obtained after 3 iterations. The following members were found to be cracked:
I) 3rd floor exterior colwnns, Ie::: 0.92 Ig
Trial 4: The fourth load case considered 40% of the design live load on the structure at 28 days
strength. None of the members cracked under this load case.
As a result of the above procedure, the following 1. values were assumed for the following step.
1) Roof girders exterior midspan, Ie::: 0.90 Ig
4.4.2.2 Step 2
2) 3rd floor exterior columns,
All other members,
Ie::: 0.80 Ig
Ie ::: 1.00 Ig
This step was carried out to obtain the forces in the frame at the beginning of the earthquake. The
structure was analyzed at its present age under 25% of the design live load, using the moment of inertia
values from Step 1. The moment diagrams for the girders and the axial forces in the columns obtained
from this step were used in girder and column modeling for the lateral load analyses.
4.5 MOMENT-CURVATURE RELATIONSHIPS
The relation between moment applied to a reinforced concrete section and the resulting curvature, through
the full range of loading to failure, is important in several contexts. It is basic to the study of member
ductility and strength, understanding the development of plastic hinges, and accounting for the
redistribution of moments that occurs in most reinforced concrete structures before collapse. The moment-
curvature relationship is dependent on the cross-sectional properties such as size and detailing and the
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material properties. Better confinement of concrete by closely spaced ties increases the strength and
curvature ductility of the section.
The RCCOLA program was used to generate moment-curvature relationships for various girder and
column sections. The RCCOLA program uses a numerical representation of the concrefe compressive
stress distribution to find both the total concrete compressive force Cc, and the location of its centroid, for
any selected value of maximum concrete strain. The compressive strain diagram is divided into an
arbitrary number of discrete steps, and the corresponding compressive stresses for each strain are
i
determined from the stress-strain curve. Discussion on stress-strain curves for concrete and reinforcing
steel were given earlier in this chapter. The stepwise representation of the actual continuous stress block
is integrated numerically to find Co and its point of application is located by taking moments of the
concrete forces about the top of the section. The compressive and tensile forces, (Cs and T) developed
in the reinforcing bars are calculated using the steel stress-strain curve and the corresponding strains.
Equilibrium is then used to find the correct location of the neutral axis, for the particular compressive
strain and the axial load level selected, following an iterative procedure. This sequence is repeated for
newly selected values of concrete strain. The end result is a series of points on the moment-curvature
curve.
Figure 4.15 shows the moment-curvature relationship for a doubly reinforced concrete section. Initially
the section is uncracked and the moment-curvature relationship is based on the uncracked transfoillled
section. The steel is well below yield at this stage, and the maximum concrete compressive stress is well
below the proportional limit. This stage defines point I on tile curve. When tensile cracking occurs at
tile section, the stiffness is reduced, and curvature increases to point 2 in Figure 4.15 with no increase in
moment. The analysis now is based on the cracked transfonned section. Note that RCCOLA ignores the
initial uncracked stage and bases all calculations on a cracked section. At point 3 on tile M-ljJ curve, the
concrete strain just reaches the proportional limit, and, typically, the steel is still below the yield strain.
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Next, the cracked, nonlinear inelastic range of loading begins. Here, the concrete is in the nonlinear
inelastic range, although the steel has not yet yielded. The sequence of steel yielding and concrete
reaching its maximum strength depends on the section properties and the axial load level. For smaller
axial loads, below the balanced point on the moment-axial load interaction diagram, tensile steel yields
before concrete reaches its maximum strength. It was observed that all colunm sections of the prototype
structures showed such behavior. This is indicated by point 4 in Figure 4.15. At this point, curvature
starts to increase at much higher rates than the earlier stages. Maximum concrete compressive strength
is reached at maximum concrete strain at point 5. This point also defmes the peak of the M-ljJ curve and
beyond this point the moment resistance starts to decrease. The compressive steel begins to pick up
greater amounts of load and the concrete contribution drops following this point on the M-ljJ curve. A
sudden drop in the M-ljJ curve is observed at point 6 when the compressive steel also yields. A residual
moment is reached at point 7. The moment at this level is defined by the couple between the compressive
and tensile bars. Failure occurs at point 8 due to fracture of tensile steel. Note that, the steel strain
hardens after yielding which has a significant effect on the M-ljJ relationship. The strain hardening effect
is considered in RCCOLA. Also, buckling of compressive steel after concrete looses its strength is not
considered above. The effect of buckling is not included in RCCOLA.
4.6 GliDER AND COLUMN FLEXURAL PROPERTIES
In order to perform the inelastic lateral load analysis, the initial and strain hardening flexural stiffness
values of girder and column sections were required as well as tlle idealized bending moment-axial load
interaction curves of columns. These stiffness values and interaction curves were obtained using the
program RCCOLA. The concrete stress-strain relationships as discussed in Section 4.2 were used for tllis
purpose.
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4.6.1 Flexural Stiffness
Flexural stiffness values for various column and girder sections were obtained by idealizing the moment-
curvature relationships generated using the program RCCOLA.
For girders, moment-curvature relationships for each T-section were obtained. Both positive and negative
bending were considered. Wu (1993) carried out a parametric study to detennine the slab effective width.
Under negative bending, a width of half the center-to-center spacing between girders was considered to
be effective. This effective width is much larger than what ACI specifies and was based on current
published research. The literature review indicated that the slab contribution in resisting negative beam
bending increases with increased beam end rotation (more of the slab becomes effective), and that the
effective slab width computed according to the ACI Code does not accurately account for the contribution
of the slab. Under positive bending, it was found out that the moment-curvature relationship is
independent of effective widths greater than the ACI specified width. Therefore the same effective width
was used for both positive and negative bending. Detailed discussion can be found (Wu, 1993).
The different bean1 flexural stiffness under positive and negative bending presented a problem in modeling
since DRAIN-2DX accepts only one stiffness value for each beam element. This is discussed in more
detail in Section 5.4.
It was mentioned earlier in Section 4.5 that the moment-curvature relationship depends on t11e axial load
acting on the section. This poses a problem in the detennination of flexural stiffnesses of column sections
since column axial loads in the structure will not be constant under the effects of lateral loads. To
overcome this problem, colunm sections were analyzed under estimated average axial loads. The
detennination of these axial loads required an iterative process which is described in Section 5.4. Figures
4.16 through 4.19 plot t11e moment-curvature relationships of the exterior and the interior columns of the
Ist and the 7th stories of the Working Stress Design prototype structure. Similar infonnation for the
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Ultimate Strength Design prototype structure is presented in Figures 4.20 through 4.23. The reader is
referred to Section S.4 for the estimation of the average axial loads P, shown in Figures 4.16 through 4.23.
In order to obtain the initial and the strain hardening stiffnesses, the moment-curvature curves were
bilinearized. One such example is shown in Figure 4.19 for the 7th story interior columns of the Working
Stress Design structure. The bilinear moment-curvature relationship was obtained through a two step
procedure. In the first step, the data points on the M-$ curve were divided into two parts: the first set of
points representing the initial stiffness, and a second set representing the strain hardening stiffness. Linear
regression was applied to the second set of data points. The slope of the line was used as the strain
hardening stiffness. In the second step, the initial stiffness was calculated based on an equal energy
approach. First, the area under the original moment-curvature curve was calculated up to the point
defining ultimate curvature. The initial stiffness was then calculated based on the equation of the line
defining strain hardening, the ultimate curvature and the area under the curve.
4.6.2 Moment-Axial Load Interaction Curves
A moment-axial load interaction diagram defines a limit state (e.g., steel yielding or concrete compressive
failure) for a colunm section over a range of bending moments and axial loads. DRAIN-2DX uses an
interaction diagram to identify the yielding moment for a column section at a given axial load. In
DRAIN-2DX, the interaction diagram is modeled with three straight lines for the positive and negative
moment regions: one straight line above the balanced point; one straight line below the balanced point for
compressive axial loads; and one straight line for tensile axial loads. For each colunm section, an
interaction diagram was generated corresponding to an ultimate concrete compressive strain of 0.003. The
RCCOLA progranl was used for this purpose. Figures 4.24 through 4.27 plot the moment-axial load
interaction diagrams for the exterior and the interior columns of the 1st and the 7th stories of the Working
Stress Design prototype structure corresponding to an ultimate concrete compressive strain of 0.003.
63
Similar infonnation for the Ultimate Strength Design prototype structure is presented in Figures 4.28
through 4.31.
A study of the axial load levels in the columns and the generated interaction diagrams showed that all
columns of the prototype structures had compressive axial loads below the balanced point. In this region,
the interaction curves were quite linear. For each column section, the yield moments obtained from the
bilinearization of the M-tj> relationships for different axial load levels and the corresponding axial loads
were linearized for use in the DRAIN-2DX model. In the region of the M-P interaction diagram above
the balanced point, and also in the region corresponding to tensile axial forces, the M-P interaction
diagrams obtained for an ultimate concrete compressive strain of 0.003 were linearized and used in the
DRAIN-2DX model.
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Figure 4.1 Concrete compressive strength per cent of 28-day moist cured concrete
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Figure 4.2 Concrete strength versus time (from Branson, 1977).
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Figure 4.3 Typical stress-strain relationship of intennediate-grade reinforcing steel
(adapted from Blume et al., 1961).
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Figure 4.4 Concrete stress-strain relationship proposed by Kent and Park
(adapted from Kent and Park, 1971).
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Figure 4.5 Effect of confinement on ductility of concrete - Kent and Park model
(adapted from Kent and Park, 1971).
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Figure 4.6 Concrete stress-strain relationship proposed by Sheikh and Uzumeri
(adapted from Sheikh and Uzurneri, 1982).
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Figure 4.7 Typical section used in the development of the Kent and Park confmement model
(adapted from Kent and Park, 1971).
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Figure 4.8 Typical sections used in the development of the Sheikh and Uzurneri confinement model
(adapted from Sheikh and Uzurneri, 1980).
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Figure 4.9 Comparison of stress-strain relationships for girder concrete.
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Figure 4.10 Comparison of stress-strain relationships for column concrete.
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Figure 4.11 Idealized distribution of flexural stiffness, EI along a uniformly loaded fixed-ended
reinforced concrete beam (adapted from MacGregor, 1988).
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Figure 4.12 Variation of effective moment of inertia with moment ratio, according to Eqn. 4.6.
(adapted from Nilson and Winter, 1991).
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Figure 4.13 Deflection of a reinforced concrete girder (adapted from Nilson and Winter, 1991).
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Figure 4.14 Live load patterns considered in the gravity load analyses.
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Figure 4.15 Typical moment-curvature relationship for a doubly reinforced concrete section.
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Figure 4.16 Moment-curvature relationship for the 1st story exterior columns of the Working
Stress Design structure.
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Figure 4.17 Moment-curvature relationship for the 1st story interior colunms of the Working
Stress Design structure.
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Figure 4.18 Moment-curvature relationship for the 7th story exterior columns of the Working
Stress Design structure.
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Figure 4.19 Moment-curvature relationship for the 7th story interior columns of the Working
Stress Design structure.
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Figure 4.20 Moment-cmvature relationship for the 1st story exterior columns of the llitimate
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Figure 4.21 Moment-curvature relationship for the 1st story interior columns of the Ultimate
Strength Design structure.
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Figure 4.22 Moment-cwvature relationship for the 7th story exterior columns of the Ultimate
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Figure 4.23 Moment-curvature relationship for the' 7th story interior columns of the Ultimate
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Figure 4.24 Moment-axial load interaction diagram for the Ist story exterior colunms of the
Working Stress Design structure.
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Figure 4.25 Moment-axial load interaction diagram for the 1st story interior columns of the
Working Stress Design structure.
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Figure 4.26 Moment-axial load interaction diagram for the 7th story exterior columns of the
Working Stress Design structure.
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Figure 4.27 Moment-axial load interaction diagram for the 7th story interior columns of the
Working Stress Design structure.
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Figure 4.28 Moment-axial load interaction diagram for the 1st story exterior columns of the
Ultimate Strength Design structure.
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Figure 4.29 Moment-axial load interaction diagram for the 1st story interior columns of the
Ultimate Strength Design structure.
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Figure 4.30 Moment-axial load interaction diagram for the 7th story exterior columns of the
Ultimate Strength Design structure.
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Figure 4.31 Moment-axial load interaction diagram for the 7th story interior columns of the
Ultimate Strength Design structure.
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CHAPTER 5
LATERAL LOAD ANALYSES
5.1 INTRODUCTION
This chapter describes the techniques and tools used in the static nonlinear inelastic analyses of the
prototype structures. In order to gain complete understanding of the behavior of the structures under the
effects of an earthquake, the lateral load analyses were carried out into the inelastic range and beyond the
ultimate resistance. This required the modeling of several aspects of behavior including bond and slip of
reinforcing bars, development and progression of plasticity in beams, girders and columns and, ductility
capacity of members.
The DRAIN-2DX structural analysis program (Prakash and Powell, 1992) was used for the static nonlinear
inelastic lateral load analyses of the prototypes. This is a two-dimensional analysis program. It can
perform static, dynamic, eigen problem and spectra analysis, and can handle both linear and nonlinear
behavior. Two options are available for the static analysis: gravity load analysis and nodal load analysis.
The gravity load analysis can only handle linear elastic problems, but the nodal option can analyze
inelastic behavior.
TIle DRAIN-2DX program uses the Stiffness Method to carry out elastic or inelastic analysis. In this
method, the stmctural stiffness matrix is formulated from the element stiffness matrices. The nodal
displacements in the global axes are then solved for a given nodal load vector. Element end forces and
defoffilations can be calculated using the element stiffness and the global nodal displacements.
The DRAIN-2DX beam-column element models the inelasticity of members using a "parallel beam"
model. The parallel beam model is explained in Section 5.2. TIle analysis procedure is outlined in
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Section 5.3. Section 5A discusses the limitations of DRAIN-2DX and the effects of these limitations on
modeling. Section 5.5 introduces a new type of connection element which was implemented into DRAIN-
2DX at Lehigh University. This connection element was used to model the post peak moment-curvature
behavior of the non-ductile details.
5.2 PARALLEL BEAM MODEL
In the parallel beam model, the inelastic behavior of a beam-column element is modeled by two parallel
components. The first is the elastic component and represents only the elastic characteristics of the
combined element. The other component is elasto-plastic (perfectly elastic-plastic) and represents
inelasticity.
The flexural stiffness of the combined element is represented by the bilinear moment-curvature
relationship shown in Figure 5.1(a). In this figure, EI is the initial stiffness of the section before yielding
where E and I represent an elastic modulus and a moment of inertia respectively. After yielding, the
flexural stiffness is reduced by the factor a, called the strain hardening ratio. The strain hardening ratio
cannot take a negative value. Determination of the initial stiffness and the strain hardening stiffness from
the section moment-curvature relationship was discussed in Section 4.6. Only one set of stiffness values
can be used for a given beam-column element. Internally, the program uses a different moment-curvature
relationship for each parallel component. This is illustrated in Figures 5.I(b) and 5.I(e). The stiffness
of the elastic component is constant and equal to the strain hardening stiffness, aEI. Therefore, this
element never yields. The elasto-plastic component uses (l-a)EI before yielding. After yielding the
flexural stiffness of this component is reduced to zero. This way tl1e moment in the elastic component
continues to increase after yielding, whereas the moment in tl1e elasto-plastic component remains at tl1e
yielding moment.
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It is clear that there exists a relationship between the element moment-curvature relationship and the
component moment-curvature relationships. The total element moment at any given section must be equal
to the sum of the moments in the individual components. Note that the elasto-plastic component has a
smaller yielding moment than the element yielding moment.
5.3 ANALYSIS PROCEDURE
A static analysis is performed by applying the load in several analysis segments as specified by the
analyst. The load in each segment is applied in several load steps. In a static analysis, the program
selects the size of load substeps automatically, by detemlining when the next stiffness change (event) will
occur, and ending the substep at that event. The structure stiffness is then reformed, and an analysis is
performed for the next substep. The analy~~egment ends when all of the load has been applied, or
when a specified displacement is reached. The DRAIN-2DX program has two analysis control algorithm
options. One is the Load Control Algorithm and the other is the Displacement Control Algorithm. In the
analyses of the prototypes, both algorithms were used. Each analysis started with the application of all
l
gravity loads under the Load Control Algorithm. The Displacement Control Algorithm was used in the
application of lateral loads until a displacement limit was reached. TIle following is an outline of the two
control algorithms.
5.3.1 Load Control Algorithm
In the Load Control Algorithm two load factor increments are defmed: (l) a step load factor increment,
which is the same for each step in the analysis segment; and (2) a segment load factor increment for the
analysis segment. At the beginning of each segment, the current node displacement vector and current
load vector are known from the previous segment. Step load factor increments of the specified magnitude
are applied until the load factor increment for the analysis segment is reached. The load vector increment
for a step is calculated using the step load factor increment and a specified pattern of nodal loads. A node
displacement vector increment is calculated based on the current stiffness and the step load vector
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increment. The nocle displacement vector increment is used to calculate the element end displacement
increments and the element end forces based on the element stiffness. Then, elements are checked for
yielding or other changes in state. This is called "event checking." Each event defines a substep. If an
event is detected, the node displacement vector increment is scaled down so that the structure displaces
up to the state at which the event occurs. TIle modified displacement vector increment is then used to
update the current node displacement vector, and the end displacements, end forces, and stiffness of the
elements. The structural stiffness matrix is updated based on the new state of the structure, and is used
to calculate a node displacement vector increment for the remainder of the step. At the end of a substep,
the current load vector is updated and compared with the internal element forces acting on the nodes. The
unbalanced forces are used together with the remaining step load vector increment to calculate the node
displacement vector increment for the remainder of the step. This procedure is repeated until the step
factor load increment for the step is completely applied. At the end of the step, the current node
displacements, current load vector, and element end displacements, forces, and stiffness are updated.
5.3.2 Displacement Control Algorithm
Displacement control is useful if the structure becomes very flexible, and is essential if the structure is
to be loaded beyond the ultimate resistance (Le., when its resistance decreases with increasing
displacement). If the structure becomes unstable, a positive load increment may cause a negative
displacement, leading to a condition of repeated, successive unloading-reloading steps. Displacement
control can be used to force the structure to continue displacing in a specified direction, even though the
load decreases.
The major difference between the Load Control Algorithm and the Displacement Control Algorithm is in
the scaling procedure for each step. The magnitude and sign of the step load factor increment is selected
so that the controlled displacement increment (defined by the relative displacement between two nodes)
increases by the step displacement increment in each step. At the beginning of each segment, the current
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node displacement vector and current load vector are known. Step displacement increments are applied
until the segment displacement increment is reached.
The initial load vector increment for each step is calculated from an arbitrary scale factor and a specified
pattern of nodal loads. An initial node displacement vector increment for the step is calculated based on
the current stiffness and the load vector increment. The actual step node displacement vector increment
and actual step load vector increment are obtained by scaling the node displacement vector increment and
the load vector increment so that the increment of the controlled displacement equals the specified step
displacement increment. In cases where the load resistance decreases with increasing displacement, the
scale factor may be negative. Event checking is similar to event checking in the Load Control Algorithm,
and substeps (similar to those in the Load Control Algorithm) occur if events are detected. Within each
substep, the node displacement vector increment and load vector increment are first scaled so the
increment of controlled displacement equals the remaining specified step displacement increment, and are
then scaled to the state at which the event occurs. The event procedure is repeated until the step
displacement increment for the step is completely applied.
5.4 LIMITATIONS OF DRAIN-2DX
This section discusses the limitations of the beam-column element in DRAlN-2DX and the effects of these
limitations on modeling. TIle beam-colunm element can be evaluated in ternlS of its modeling capabilities
and structural behavior. Both of these have important effects on the inelastic modeling of beams, girders
and columns. The study summarized below was carried out on girders of the Working Stress Design
structure although many of the results may also be applicable to beams. The results of this study were
also used in the modeling of the girders of the Ultimate Strength Design structure.
/
TIle modeling capabilities of the beam-column element are limited by three important factors. First, in
a static inelastic analysis, only nodal loads are allowecL TItis means that the concentrated loads from the
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intermediate beams and any distributed loads that act on the girders need to be modeled as concentrated
nodal loads. Second, yielding of the beam-column element initiates at the ends of the element. In non-
ductile reinforced concrete girders, yielding can occur not only at the ends of members, but also at the
reinforcement cut-off and bend regions within the span. One way of modeling such behavior is by
dividing the girders into segments such that sections with a potential to yield are at an element end.
Finally, only one set of flexural stiffness values are allowed for each beam-column element. This presents
a problem in girder modeling, since the sections have different positive and negative stiffnesses. In
Section 2.2, it was shown that the point of inflection moves along the span as lateral loads are applied to
the structure. Therefore, some sections will experience both positive and negative bending during an
earthquake. However, this behavior cannot be modeled accurately since only one stiffness value is
allowed for each beam-column element.
In order to understand the static inelastic behavior of the beam-column element in DRAIN-2DX, a series
of isolated beams were analyzed by Wu (I993). The results of these analyses were compared with
theoretical solutions for the same loading and boundary conditions. Several possible loading and yielding
conditions were considered. The beam-column element was evaluated for its moment-total rotation and
moment-plastic rotation behavior. It was found that DRAIN-2DX parallel beam-column model works well
in the elastic range. Different yielding moments can be specified for each end of the beam-column
element. However, for beams in single curvature, once one end yields, yielding at the opposite end may
occur before the actual yield moment is reached to account for the progression of inelasticity along the
length of the member. The parallel beam-colunm model works well for beams in single curvature when
the ratio of the end moments is close to unity. For beams in double curvature however, the situation is
reversed; yielding at the opposite end may occur at an end moment greater than the yield value.
~/'~\ /~~~
The limitations which are summarized abo~~ be parti~ly overcome by modeling girders and colunms
using multiple beam-column elements. Before first yield, each element - hereafter also referred to as
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segment - can be under single curvature or double curvature. The element moment-rotation behavior is
correct in this range for both cases. After first yield, some segments will act under double curvature. It
was noted above that beam-colwnn elements under double curvature do not behave well in the inelastic
range. However, results will be accurate as long as those segments do not yield during the analysis. Note
again that segments under single curvature behave well in the inelastic range only when the end moment
ratio is close to unity.
Positive and negative flexural stiffness must also be considered during segmenting. Different stiffness
values can be assigned to different segments which can partially account for the problems due to the
movement of the point of inflection during the lateral load analysis. Also, by modeling the girders using
multiple segments, span loads can be lumped at the additional nodal points joining those segments.
The main problem associated with girder modeling is the dynamic nature of the bending moment diagram.
The position of the inflection points will change as additional lateral loads are applied. The behavior of
the structures will depend on the stressed state prior to the application of the lateral loads. The gravity
load analyses (outlined in Section 4.4) were carried out for this purpose. Girders cannot be segmented
effectively without some knowledge of the sections along their lengths which can possibly yield during
the analysis (hereafter referred to as critical sections).
Before the prototype frame buildings were analyzed, Wu (1993) modeled and studied several typical
girders of the Working Stress Design structure to further confiml the critical regions within the span and
at the ends. Moment capacity envelopes for typical interior girders were developed using RCCOLA,
considering each section with a different amount or distribution of longitudinal steel or different level of
confinement. The contributions of the slab and stirrup support bars were also considered. Both positive
and negative bending were considered.
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The gravity load moment diagram for each studied girder was determined from the gravity load analyses
(Section 4.4). A second moment diagram caused by lateral loads simulating the seismic effect was
superimposed with the gravity load moment diagram. Different lateral load conditions were considered.
The lateral load end moments were increased proportionally until the first plastic hinge was fonned. This
was based on the capacity envelopes which were developed earlier for each girder. Then, the lateral load
end moment increments were changed based on the location of the first hinge and further increased until
the second hinge formed. Following this procedure, the possible critical sections within each girder were
identified. Under positive bending, pullout or yielding at the girder-column interface and yielding of top
reinforcement bend region were found to be critical. On the negative bending side, the moment capacity
reached its minimum value somewhere between the cut-off of top slab reinforcement which spans over
the intennediate beams and the cut-off of top girder reinforcement. Yielding may progress in either
direction along the girder once initiated at this section. More detailed infOilllation on this procedure can
be found (Wu, 1993).
The number and position of the segments necessary to effectively model a girder were determined by
considering the behavior of the DRAIN-2DX beanl-column element and the possible critical sections.
Once the range of the movement of the inflection points was known, nodal points were chosen such that
each critical section was located at a segment end. Some segments were also assigned with artificially
high yielding moments to control penetration of yielding in certain directions. It was also necessary to
ensure that segments which may yield were not in regions of double curvature during the analysis.
Figure 5.2 shows a typical girder model with multiple segments. Within each span, two nodes were
included at the intennediate beam locations (points d and e in Figure 5.2) to model the concentrated girder
loads. Two nodes were also required at the girder-column interface at each end (points a and g in Figure
5.2). In addition to these nodes, other intermediate nodes were necessary to model the critical sections
under negative and positive bending. In discussing these nodes, it is assumed that the girder is part of
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a frame subjected to lateral loading from the left to right so that positive moment occurs at the left end
and negative moment occurs at the right end under lateral load. To model the initiation of yielding under
negative bending, one node was placed between the cut-off of top slab reinforcement and top girder
reinforcement as was discussed above (point f in Figure 5.2). For positive bending, two additional nodes
were required: one at the top bend region; and the other at the bottom bend region (points b and c
respectively in Figure 5.2). A weighted average stiffness was used to account for the positive and
negative stiffness of sections which experience both positive and negative bending during the analysis.
Detailed discussion on girder modeling can be found (Wu, 1993).
Figure 5.3 shows a typical column model with multiple segments. Two intermediate nodes were used,
(points band c in Figure 5.3) in addition to the nodes at the column ends (points a and d in Figure 5.3).
Due to the distribution of column bending moment under lateral load effects, and colurrm detailing, the
colurrms yield first at the ends. As noted above, the parallel beam-colurrm element behaves correctly after
yielding only when it is under single curvature with similar end moments. Colwnn members, if modeled
as single elements, would be in double curvature and their behavior would be questionable once one end
yielded. To prevent this from happening, each column member was divided into three segments as shown
in Figure 5.3. The intermediate nodes were placed at a distance of one and a half times the column depth
from each end (points b and c in Figure 5.3). This distance was selected as a practical plastic hinge
length for colurrms. However, it should be noted that this length may only be applicable to ductile
columns. In the case of colurrms with poor ductility, plastic hinges are more likely to be concentrated at
the column ends without significant progression. Therefore, these intermediate nodes were provided to
ensure that the beam-column element behaved well in the inelastic range; and not to model the progression
of inelasticity along the colurrm height. For the intermediate segment which acted in under double
curvature, artificially high yielding capacities were specified so that this segment never yielded. This
ensured that the results from the column end segments which modeled inelastic behavior of the member
were reliable.
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One problem associated with the modeling of columns was that the axial load levels in the columns
change as loads are applied to the prototype structures. It was noted in Section 4.5 that the moment-
curvature relationship depends on the axial load acting on the section. Therefore, the flexural stiffness
values also change during the application of loads. However, DRAIN-2DX allows only one set of
stiffness values to be used for each beam-column element. An iterative analysis approach was used to
partially overcome this problem. First, an estimate for the axial load levels in each structure due to
gravity load was made to obtain first estimates of column flexural stiffnesses. This was accomplished by
distributing the floor loads in proportion to the column tributary areas. Estimates for the extreme axial
load levels in the structures after the application of the lateral loads were also made. To achieve this, each
structure was considered in a "full" collapse mechanism state. In a "full" mechanism, all beanls yield at
both ends under positive and negative bending. All colunms remain elastic except at the base where
yielding occurs. In a "full" mechanism, the maximum shear forces that can develop at the girder ends
can be calculated by simply dividing the sum of the plastic moment capacities of the girder end sections
by the clear span length. The plastic moment capacities of the girder end sections were calculated using
the RCCOLA progranl as discussed earlier. The tension side exterior column axial loads at the
mechanism state were then found by subtracting the cumulative girder shears from the gravity load level
axial loads. For the compressive side exterior colunms the girder shears were added to the gravity load
level axial loads. For interior columns half of the girder shear values were used. Using this procedure
an expected range of axial loads were obtained for each column in both structures. Stiffness values were
obtained for each column corresponding to these axial load estimates. The lateral load analyses were then
carried out using an average stiffness for each column. Actual ranges of column axial loads were obtained
from the results of this first set of analyses and column flexural stiffness values were then revised based
on these computed axial load levels. Moment-curvature relationships were generated at an average axial
load for each column section. Moment-curvature curves obtained for the 1st and the 7th stories are
presented in Figures 4.16 through 4.23. Two axial loads were used for the exterior columns at each story,
one for the tension side column and the other for the compression side column. The results of the first
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set of analyses showed that the axial loads in the interior colwnns of each level do not vary significantly.
Therefore, one average axial load was sufficient for the interior columns at each level. The axial loads
used in the generation of the fmal column moment-curvature relationships were calculated as the average
of two axial loads obtained from the first set of analyses, one at the end of the application of all gravity
loads before any lateral load is applied to the structure, and the other at the formation of a collapse
mechanism. Bilinearization of these curves followed the procedure explained in Section 4.6.
5.5 CONNECTION ELEMENT
A rotational connection element developed by Wu (1993) was used to model the non-ductile behavior of
the pull-out of the embedded bottom girder reinforcement from the girder-column joint region and the
limited rotational ductility of columns. These are discussed in Sections 5.5.1 and 5.5.2 below. Moment-
rotation characteristics of the connection element are discussed in Section 5.5.3.
5.5.1 Girder-Column Joint Region
It was mentioned in Section 2.3 that the joint region of a non-ductile reinforced concrete frame is a
possible non-ductile failore location. The 6 inch embedment of the bottom girder reinforcement into the
joint may not be sufficient to resist the high bond stresses developed during a strong ground motion.
Pessiki et al. (1990) performed full scale tests of the beam-column joint region under cyclic loading
condjtion and found pull-out of tllis embedded reinforcement from the joint in the positive bending region
at relatively small lateral drift levels. Upon first initiation of pullout at the beam-colunm interface, there
is a significant increase in rotation with little increase in moment resistance. With continued rotation, a
sudden drop in the moment resisted by tile connection occurs, accompanied by a significant increase of
rotation at the beam-column interface. After this process, tile joint continues to resist a small residual
moment. An envelope of the cyclic moment-rotation behavior observed by Pessiki et al. is shown in
Figure 5.4. Moreover, Pessiki et al. observed deterioration of stiffness of tile connection region under
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repeated cycles of loading. The premature failure of the connection also generated large shear
deformations within this region which contributed greatly to the global floor drift.
5.5.2 Column Plastic Rotation Capacity
Typical column moment-rotation relationships (shown in Figures 4.16 through 4.23) appear similar to the
moment-rotation behavior displayed by the girders in positive bending at the girder-column joint region
(see Figure 5.4). Moment-rotation behavior can be obtained by integration of the section moment-
curvature relationship (see Section 4.5) over the length. After yielding, a stage is reached with reduced
stiffness. This is followed by a moment-descending branch with increasing rotation. This corresponds
to the stage at which column plastic rotation capacity is exhausted. In structures properly designed to
resist seismic forces, columns are well confined such that rotation ductility is not exhausted during a
moderate earthquake. However in non-ductile frames, the post-yielding branch is very short due to
insufficient confmement provided by the widely spaced ties. Plastic rotation ductility capacity further
deteriorates under higher axial loads. Following the descending branch, moment resistance reaches a
residual value.
5.5.3 Moment-Rotation Characteristics
It follows from the above discussion that four common stages can be identified to model the rotation
ductility capacity of the column ends and the pull-out behavior of the embedded bottom girder
reinforcement from the girder-eolumn joint region. These four regions also defme the moment-rotation
behavior: an elastic range with initial stiffness; a plateau with reduced stiffness following yielding at
column ends or initiation of pull-out of the embedded reinforcement in the girder-colunm joint; a moment
descending branch with increasing rotation indicating that the colunm plastic rotation capacity is exhausted
.\ ~
or the ultimate bond stress is reached in the joint; and a residual branch defmed by the moment-curvature
behavior of the colunm sections and the friction bond stress available in the joint. The behaviors
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described in Sections 5.5.1 and 5.5.2 need to be modeled to a sufficient degree of accuracy in order to
understand the seismic behavior of the prototype non-ductile reinforced concrete frame structures.
The DRAIN-2DX program contains a connection element in its library (Prakash and Powell, 1992). This
element can model the initial elastic and the post yielding behavior of the connection region and has three
different unloading path options: inelastic unloading; elastic unloading and; inelastic unloading with gap.
However none of these unloading path options represent the true behavior of non-ductile frames, i.e.
moment descending with increasing deformation. Stiffness deterioration under cyclic loading conditions
can also not be modeled by this connection element. Moreover, only one set of stiffness values is
pennitted for both positive and negative bending. Therefore, a new connection element carrying these
additional features was developed for the DRAlN-2DX program.
One advantage of the DRAIN-2DX program is that its analysis routines allow the addition of new
elements without affecting other elements or the global analysis procedure. Using this modular
programming technique, Wu (1993) developed a new connection element with the required characteristics
by making modifications in the force-defonnation relationship of the already existing connection element
in DRAIN-2DX and by using the analytical reinforcement anchorage slip model proposed by Alsiwat and
Saatcioglu (1992). Detailed information about this element can be found (Wu, 1993). A brief outline is
given below.
TIle force-deformation relationship of the new connection element is given in Figure 5.5. The backbone
lines are shown in bold. The branches of this curve are marked as "e" for "elastic," "y" for "yielding,"
"d" for "descending" and "r" for "residual." Similarly, 1\,.' Ru' and R, indicate the force levels
corresponding to yielding, ultimate and residual resistance respectively. TIle element allows different
stiffnesses in the two opposite directions of loading. Particularly important to the present work, the
element provides a force descending branch willi increasing defonnation. Thus the new connection
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element can be used to model the unloading behavior of non-ductile reinforced concrete frames. However,
moment-rotation pairs which defme the backbone curve for each connection element need to be
determined. Different procedures were adopted in the modeling of girder pull-out behavior and colunm
plastic rotation behavior. Detailed discussions can be found (Wu, 1993).
The connection element can handle unloading and reloading at any deformation level on any branch. One
example of such behavior is also included in Figure 5.5. The "s" indicates the "shooting" branch to the
yield point in the opposite direction. Details on cyclic behavior of the connection element can be found
(Wu, 1993).
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Figure 5.1 Moment-curvature relationships used in the DRAlN-2DX Parallel Beam Model.
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CHAPTER 6
ANALYSES OF PROTOTYPE STRUCTURES
6.1 INTRODUCTION
This chapter presents the results of the 2-dimensional non-linear inelastic lateral load analyses of the
prototype structures. For each structure, analyses were carried out on an interior frame in the girder
direction. A total of seven analyses were conducted as summarized in Table 6.1: four analyses for the
Working Stress Design structure, and three analyses for the Ultimate Strength Design structure. Analyses
for the Working Stress Design structure included:
Analysis 1.
Analysis 2.
Analysis 3.
Analysis 4.
Triangular lateral load profile (LCl) with infinite ductility of the critical
regions (i.e. without connection element to provide descending branch moment-
rotation behavior).
Uniform rectangular lateral load profile (LC2) with infinite ductility of the
critical regions.
Triangular lateral load profile including limited local ductility capacity (i.e.
including connection element to provide descending branch moment-rotation
behavior).
Unifoml rectangular lateral load profile including limited local ductility
capacity.
For the Ultimate Strength Design structure, the first three analysis cases defined above were carried out.
These are referred to as Analyses 5-7. TIle unifonn rectangular lateral load profile including local
ductility capacity was not considered for this structure.
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Table 6.1 Summary of analysis cases.
Infinite local ductility capacity Limited local ductility capacity
Load case 1 Load case 2 Load case 1 Load case 2
(LCI) (LC2) (LCI) (LC2)
Working Stress
Analysis I Analysis 2 Analysis 3 Analysis 4Design structure
.-/
Ultimate Strength Analysis 5 Analysis 6 Analysis 7 -Design structure
Section 6.2 discusses why these analysis cases were considered for this study. The results of all analyses
are presented using the same general format as described in Section 6.3. Sections 6.4.1 through 6.4.7
present the results of Analyses 1-7 respectively. All figures are given at the end of the chapter.
6.2 ANALYSIS CASES
6.2.1 Loading Cases
As noted earlier, two loading cases were treated in this study, namely triangular and uniform rectangular
lateral load profiles. The basis for selecting these load cases is described in this section. The variation
in seismic force with height in a bujlding can be obtained by the superposition of various vibrational
modes. It varies with the earthquake characteristics, natural period of the building, and the vertical
distribution of mass and stiffness of the building. Ordinary, low- to mid-rise buildings vibrate principally
in the first mode, and seismic forces are assumed to be distributed in the same shape. High-rise structures
on the other hand, are affected by the existence of higher modes of vibration. In very simple temls, the
distribution of base shear as lateral loads acting at the floors throughout the height of the building is
similar to the lateral displacement at the floors. In the elastic range, low-rise multi-story structures behave
like a shear cantilever beam and their deflected shape resembles a convex parabola (Figure 6.1 (a)). High-
rise structures on the other hand, behave like a flexural cantilever beam, and in the elastic range, tl1eir
deflected shape resembles a concave parabola (Figure 6.1 (b)). The deflected shape of medium-rise multi-
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story structures departs little from a straight line (Figure 6.I(c». When the floor gravity loads are the
same at each floor level, the distribution of horizontal seismic loading has a shape similar to a triangle,
with the largest load at the top floor.
In the inelastic range, the deflected shape also depends on the distribution of inelasticity in the system and
on the yield mechanism it forms. Two basic types of yield mechanisms can be identified. All other
mechanisms can be considered as combinations of these two basic types. For structures properly designed
to resist earthquakes, the yield mechanism takes the form of a "full" mechanism. In a "full" mechanism,
all beams yield at both ends under positive and negative bending. All columns remain elastic except at
the base where yielding occurs. Such "full" mechanisms can be idealized as having only one degree of
freedom (DOF). Their deflected shape is very close to linear. The second basic type of mechanism is
a "story" mechanism. In a typical "story" mechanism, all columns on a given floor yield at both ends
while beams remain elastic. Each story can form a complete mechanism and can translate independently
relative to the ground and other stories. In general, such "story" mechanisms have as many DOF as
stories. Structures responding in a "story" mechanism are true multi-degree-of-freedom (MDOF) systems.
In many structures, the mechanism takes the fonn of a combination of these two basic types. Columns
may yield at locations other than at the base; several stories are included in the mechanism but not
necessarily all. Structures which are not designed to resist seismic forces are likely to behave in this way.
Most often, a "I st story" mechanism forms in which only both ends of the columns of the 1st story yield.
The inelastic deflected shape of such structures can be represented by a uniform rectangle.
It follows from the above discussion that the inelastic deflected shape of a multi-story structure lies
somewhere between a triangle and a uniform rectangle. The lateral load profile resembles the deflected
shape of the structure. Accordingly, each prototype structure was analyzed under two different
earthquake-induced lateral load profiles applied from left to right; triangular (LCI) and unifonn
rectangular (LC2). These two lateral load profiles are shown in Figure 6.2.
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6.2.2 Critical Region Ductility
The critical regions are regions of the structure where significant inelastic behavior can occur. The
inelastic behavior could include: flexural yielding or compression failure, axial-flexural yielding or
compression failure, shear-tension failure or shear-compression failure. These types of behavior exhibit
different levels of ductility. The relationship between the global ductility of a structure and the local
ductility of regions in the structure is very important in evaluating seismic response and capacity. Possible
critical regions and details of non-ductile reinforced frame structures were defined earlier in Section 2.3.
Analyses 1,2,5 and 6 assumed infinite ductility capacity of the critical regions in the prototype structures,
whereas Analyses 3, 4 and 7 accounted for the anticipated limited ductility capacity of the critical regions.
Analyses I, 2, 5 and 6 served two purposes. First, comparison of the results of these analyses with the
limited ductility analyses (Analyses 3, 4 and 7) revealed the importance of the local non-ductile behavior
on the global behavior of the prototype structures. Second, as is explained below, Analyses 1,2,5 and
6 were used to identify the critical regions that needed to be modeled in Analyses 3, 4 and 7. In Analyses
1, 2, Sand 6, the prototype structures were modeled assuming infinite ductility. Section load-deformation
behaviors were modeled using a bi-linear relationship which included strain hardening effects with no limit
on ductility capacity.
Connection elements were used to model pull-out behavior in the positive moment ends (at the left ends)
of girders in Analyses 3, 4 and 7, wherever the pull-out moment was exceeded as determined in Analyses
1,2 and 5 respectively. Additional connection elements were used in Analyses 3,4 and 7, wherever the
column ultimate moment/curvature capacity was exceeded as determined from Analyses 1, 2 and 5,
respectively. The moment-rotation curve used to model the non-ductile behavior of the pull-out region
was determined using the reinforcement anchorage slip model proposed by Alsiwat and Saatcioglu (1992)
and the results of tests conducted by Pessiki et al. (1990). This moment-rotation curve depends on the
section and the material properties; the actual forces and deformations in the structure are not needed.
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The reader is referred to Wu (1993) for further details on how the non-ductile moment-rotation behavior
of the pull-out region was established. The results from Analyses I, 2 and 5 were used to identify the
locations in the structure where non-ductile pull-out behavior was considered in Analyses 3, 4 and 7;
however, those results were not necessary to determine the moment-rotation curve defIning such non-
ductile behavior.
The non-ductile moment-rotation relationships of the colwnns depend on the forces and deformations in
the structure. The theoretical moment-rotation behavior of a column member can be determined by
integrating the section moment-curvature relationship over the length. The moment-curvature relationship
depends on the axial force in the colwnn. The ratio of moments acting at the ends of the member, and
the rotations and lateral displacements at the ends of the member were also needed for the determination
of moment-rotation curve defIning the non-ductile colwnn behavior. The reader is referred to Wu (1993)
for further details on how the moment-rotation behavior at the colwnn ends were established. The non-
ductile moment-rotation behavior of each of the column ends which yielded during Analyses 1, 2 and 5
was established using the forces and deformations obtained from these analyses. Then, for each such
location, the rotation at which a decreasing moment resistance occurs (i.e., the rotation capacity) was
compared with the column end rotation demand obtained from Analyses 1, 2 and 5. In Analyses 3, 4,
and 7 connection elements were used at each colunm end where the rotation capacity was exceeded in
Analyses 1, 2 and 5. It is noted that this is an iterative process since the actual forces and defoffilations
in the structure will change once the non-ductile behavior at the pull-out regions and column ends are
included in the analyses.
6.3 PRESENTATION OF ANALYSIS RESULTS
The chief characteristics of inelastic static behavior can be identifIed as yielding, strain hardening and
strain softening, and ductility capacity. For dynamic response, stiffness degradation (softening) and energy
dissipation must also be considered. 111is study addresses only the static inelastic characteristics. A
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natural outcome of a static non-linear inelastic analysis of the prototypes is the base shear-lateral
displacement curve. This curve is essential in the understanding of seismic behavior in that it gives
information about the initial and post yielding stiffness, strength, ductility and energy absorption capacity
of the structure. It cannot, however, reflect the energy dissipation and softening effects. These can only
be obtained from an inelastic cyclic analysis. Note that the static resistance-displacement relationship
merely represents the backbone of the cyclic hysteretic behavior.
The sequence of yielding significantly influences the seismic behavior of inelastic systems. Two aspects
of yielding sequence can be distinguished: the type of yield mechanism that develops, and the extent of
the range of displacement over which contained yielding occurs in the global resistance-displacement
relationship. During contained yielding, inelastic deformations of the yielding regions are restricted and
controlled by the elastic regions. Total deformations can only increase, if the elastic deformations also
increase and, hence, the resistance also increases. That is, the tangent stiffness is still positive.
The above discussion indicates that certain results are needed to provide a better understanding of the
seismic behavior of the prototype structures. For each analysis, four figures are included:
I. A plot of the base shear versus lateral displacement for selected floors.
2. A plot of normalized base shear versus mechanism drift.
3. A plot of the deflected shape at various states in the response.
4. A series of drawings that summarize the inelastic behavior at various states in the
response.
These figures are described more fully in the sections that follow.
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6.3.1 Base shear-Floor Lateral Displacements
The first figure for each analysis is a plot of the base shear-floor lateral displacement relationships. The
first, sixth, seventh, eight, ninth, and twelfth (roof) floors are included. These floors were selected
because they were key in the collapse mechanisms that formed in the different analysis cases. This figure
gives an overall view of the inelastic behavior of the structure. It does not, however, give any detailed
information on the global and local ductility capacities of the structure and the spread of inelasticity in
the structure. It merely shows how each selected floor behaves under lateral loads.
6.3.2 Normalized Base Shear-Mechanism Drift
The second figure for each analysis is a more detailed representation of the base shear-lateral displacement
relationship of the structure. It includes only one curve which relates the normalized base shear to the
drift of the mechanism that forms. The base shear is given as a percentage of the dead weight of the
structure which is 3370 kips for the Working Stress Design structure, and 3140 kips for the Ultimate
Strength Design structure. The mechanism drift is calculated as the relative lateral displacement of the
floors which form the mechanism divided by the height between them, and is also given as a percentage.
The mechanism drift is shown up to a value of S% for each analysis. This curve forms the basis for
identifying the local-global ductility relationships of the structure. The state at which the local capacity
at some region of the structure is exhausted is identified on the curve by an alphanumeric code and an
asterisk marker. This code is case sensitive and starts with the letter "e" or "E" representing an "event".
Lower case and upper case letters indicate the first and the last occurrence of a certain event during the
analysis. Table 6.2 gives a list of the codes that are used and identifies the event that each code
represents. Note that each analysis may include all or some of those events.
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Table 6.2 Description of event codes.
I CODE II DESCRIPTION I
el/E2 first/lllst girder yielding at both ends forming a girder sway mechanism (for all girders in the
structure)
e2/E2 first/last initiation of pull-out of bottom flexural reinforcement in a girder-column joint region
e3/E3 forsf/last girder-column joint region reaching ultimate bond stress along the embedded reinforcement
e4/E4 firsf/last girder-column joint region reaching friction bond stress along the embedded reinforcement
e5/E5 firsf/last column end region yielding
e6/E6 firsf/last column end region reaching ultimate moment/curvature capacity
e7/E7 first/last column end region reaching residual moment/curvature capacity
e8 first girder top reinforcement cut-off region reaching ultimate negative moment/curvature capacity
e9 first girder-column interface reaching ultimate positive moment/curvature capacity
elO first girder top reinforcement bend region reaching ultimate positive moment/curvature capacity
The nonnalized base shear-mechanism drift curve also gIves infonnation about the progression of
inelasticity in the structure. The importance of the sequence of yielillng was discussed earlier in this
section. For each analysis, several states are identified at which a snapshot of the structure can be shown.
These are inillcated on the nonnalized base shear-mechanism drift curve by alphanumeric codes which
start with the capital letter "S" and by empty square markers. The state codes are placed in small boxes
along the curve so that they can be easily identified. The numerical part of the code serves to identify
a sequence within the states selected for each analysis. For each state, a drawing was prepared showing
a snapshot of the structure at that state (described in Section 6.3.4). The selection was done such that the
nonnalized base shear-mechanism drift curve can be better understood and explained. Clearly, tl1is
requires a state drawing at each significant stiffness change along the curve. One state for each analysis
is also needed corresponding to the formation of a collapse mechanism. 111is state is pointed on tl1e curve
by an arrow. The floors which form tlle mechanism are also indicated. In addition, a sufficient number
of intennediate states were selected. For a better comparison between different analysis, these states were
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chosen to correspond to similar drift levels on the normalized base shear-mechanism drift curves up to
the collapse mechanism state.
6.3.3 Deflected Shapes
The third figure for each analysis is a plot of the deflected shapes of the structure. For each analysis,
several deflected shapes are plotted, each corresponding to a state identified on the normalized base shear-
mechanism drift curve.
6.3.4 Inelastic States
The fourth and last figure presented for each analysis is a set of state drawings (Sl, S2, S3, etc.) which
were identified earlier on the normalized base shear-mechanism drift curve. These drawings are snapshots
of the inelastic states which the structure goes through during the analysis. Each snapshot shows the
current inelastic state of the critical regions. Regions which remain elastic are not shown. The state each
critical region experiences is indicated by a case sensitive code. Lower case and upper case codes are
related to girders and columns respectively. These codes were identified earlier in Section 5.5 (see Figure
5.5). Note that the codes for elastic loading and unloading (e), and shooting (s) are used more than once.
In each state drawing, a 12 story franle is shown with a certain distribution of inelastic state codes. Floors
and bays are identified on each drawing. In each state drawing, the distribution of the codes along the
girders and the columns of the frame gives a complete description of tile inelastic state of tile structure
at the drift level shown on the normalized base shear-mechanism drift curve. Horizontally, along any
girder, the location of the state code indicates the region of the girder it refers to. Five regions are
identified: two on the left and three on the right. From left to right, the five regions are (note that lateral
loads were applied from left to right):
1. Girder-column interface on the left end where a possible pull-out of bottom girder
flexural reinforcement under positive bending can occur (i.e., point a in Figure 5.2).
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2. Top reinforcement bend region on the left where a possible yielding under positive
bending can occur (i.e., point b in Figure 5.2).
3. The two thirds point along the girder where the second intermediate beam spans onto
the girder where a possible yielding under negative bending can occur (i.e. point e in
Figure 5.2). Note that negative yielding is never initiated at this location, but can occur
as a progression of yielcling from region 4.
4. Top reinforcement cut-off region on the right where a possible yielding under negative
bending can occur (i.e. point f in Figure 5.2). Note that negative yielding is initiated
at this region.
5. Column face on the right where a possible yielding under negative bending can occur
(i.e. point g in Figure 5.2). Note that negative yielding is never initiated at this location,
but can occur as a progression of yielding from region 4.
For columns, the two ends (points a and b in Figure 5.3) are identified as possible yielding regions.
Column state codes (upper case) are in general located near the column end they represent. However, in
some snapshot drawings, tlus is not possible due to unavailability of space. In such cases, the column
state codes are placed away from the column ends where they belong and identified by arrows.
To help the reader, intermediate state change drawings are also included. 111ese show what happened to
the structure between two successive snapshots. For example, S I-S2 shows all the state changes (events)
in the structure that occurred between the two snapshots, Sl and S2. Note that a critical region may have
experienced several new states before it reached its current state in a snapshot. All new states
corresponding to a certain region are always shown vertically along a girder or a colunm.
The four figures presented for each analysis provide a complete picture of the static non-linear inelastic
lateral load behavior of the analyzed franles. However, it is emphasized that these figures should be
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studied together and they are not treated independently. A complete understanding of the behavior of the
prototypes can be obtained by careful evaluation of each and every figure associated with each analysis.
The plot of the normalized base shear-mechanism drift relationship is the key figure in understanding the
state drawings and the deflected shapes. The drift levels selected and identified on the normalized base
shear-mechanism drift curves determine the states at which the deflected shapes and detailed inelastic state
drawings are presented. These figures also form the basis of comparisons between the different analyses.
6.4 ANALYSIS RESULTS
6.4.1 Analysis 1
Analysis 1 is the Working Stress Design structure with infinite ductility capacity of the critical regions
subject to triangular lateral load. TIle relative displacement between the roof and the base was the control
displacement during the application of lateral loads. The base shear-floor lateral displacement curves are
given in Figure 6.3. Figure 6.4 plots tlle normalized base shear-mechanism drift relationship. Eight states
are identified on the normalized base shear-mechanism drift curve. The corresponding deflected shapes
are shown in Figure 6.5. Figure 6.6 includes a series of drawings showing the inelastic states of the
structure identified in Figure 6.4.
TIle base shear-floor lateral displacement curves of Figure 6.3 indicate the formation of a collapse
mechanism. It is clear that for floors above a collapse mechanism, the relative displacement between
floors will be less than those below the mechanism. Such behavior is observed in Figure 6.3 where
displacements for tlle 9th floor and above are the same. The slope of any given displacement curve is
an indication of the total lateral stiffness of the stories below that floor. It is seen that two major stiffness
changes occurred in the structure. The first one took place at about 250 kips. A study of the state
drawings in Figure 6.6 shows that this stiffness change was related to yielding in the girders of the lower
floors. All columns were elastic at this point. TIle second major stiffness change occurred at a base shear
of about 400 kips. It is observed that the lower floors were affected more from this stiffness change. The
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state drawings corresponding to this stage in the analysis indicate yielding of all 1st story colwnns at the
base (S5).
Figure 6.4 indicates a 9-story collapse mechanism (S5) at 2.01 % drift and 11.8% base shear (of dead
weight). The formation of this mechanism is illustrated in detail in the state drawings of Figure 6.6. To
form such a mechanism all girders of the first 8 floors yielded at two ends under positive and negative
bending, and also columns yielded at the structure base (bottom of the 1st story co1wnns) and at the top
of the 9th story (see S5 in Figure 6.6). Note that colwnns of a story are defined as the columns below
that floor in the structure. Since the mechanism formed between the 9th story and the base, the drift curve
of Figure 6.4 is directly related to the 9th floor lateral displacement curve of Figure 6.3. It is observed
that the first major stiffness change occurred shortly after the first girder sway mechanism formed (el)
in the structure. The second major stiffness change, on the other hand, occurred after columns began to
yield as well (e5). Lateral stiffness remained fairly constant after the formation of the collapse mechanism
and was affected by the section strain hardening stiffness and the P-t. effect.
Pull-out of the bottom flexural reinforcement from the girder-column interface first occurred (e2) early
in the analysis at about 0.170% drift and 5.93% base shear. The state drawings of Figure 6.6 show two
positive yielding regions on the left of each girder. These correspond to the girder-column interface and
top reinforcement bend region (points a and b respectively in Figure 5.2). Note that the pull-out moment
was used as the moment capacity (i.e., the "yielding" moment) at the girder-eolumn interface. On the
right, negative yielding initiated at the top reinforcement cut-off region (point f in Figure 5.2). Although
not very clear from the state drawings, in all left exterior girders, pull-out (accompanied by yielding) of
bottom reinforcement at the girder-column interface under positive bending occurred first, then yielding
of the bottom reinforcement progressed up to the top reinforcement bend region on the left, and finally
the top reinforcement cut-off region yielded under negative bending forming a girder sway mechanism.
Note that a girder sway mechanism requires 2 hinges: one hinge tmder positive bending and the other
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hinge under negative bending. In the right exterior spans, the situation was reversed, negative yielding
at the top reinforcement cut-off region occurred first, then pull-out at girder-column interface took place
forming a girder sway mechanism which was followed by progression of positive yielding up to the top
reinforcement bend region. In interior spans, pull-out at girder-column interface occurred first, but
positive yielding progressed to the top reinforcement bend region only after the top reinforcement cut-off
region yielded under negative bending forming a girder sway mechanism. These differences are attributed
to the larger reinforcement bend and cut-off lengtils adjacent to the interior joints (see Figure 3.6).
Another observation which is not very clear from Figure 6.6 is the sequence in which all girders of a
given floor yielded. This began with the 3rd floor, and followed with the 4th (SI), 5th, 2nd, 6th, 7fu, 1st
(S2) and fue 8fu (S3) floors. Columns of fue 9fu story yielded at ilie top (point d in Figure 5.3) after the
girders of fue 8th floor (S5). Shortly after fuis, columns yielded at tile structure base (point a in Figure
5.3) forming fue collapse mechanism (S5). Yielding in fue girders of fue 9ili and IOfu floors did not
contribute to the mechanism. Some progression of negative yielding in fue girders towards fue end (point
g in Figure 5.2) can be observed in the left exterior spans and also the interior spans of intennediate
floors. Columns also yielded at the 2nd, 8fu and fue IOfu stories.
The event codes shown in Figure 6.4 relate girder capacity to global behavior. It is seen fuat tile top
reinforcement cut-off region reached ultimate negative moment/curvature capacity (e8) at 1.56% drift
before the mechanism fOllled. That is, fue ductility limit is reached at fuis region. Under positive
bending, at fue girder-column interface (e9) and the top reinforcement bend region (elO), ultimate
moment/curvature capacity was reached at 2.85% and 3.84% drift respectively after the mechanism
formed. The influence of the ductility limit at tile girder-eolumn interface was taken care of by using
connection elements to model pull-out behavior in all girders of tile first 10 floors in Analysis 3.
However, the ultimate moment/curvature capacity (ductility limit) at fue top reinforcement bend region
and the top reinforcement cut-off region were not modeled in Analysis 3. The forces and deformations
obtained from Analysis I were used to detennine fue non-ductile behavior of yielding columns. Behavior
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of these non-ductile columns were also included in Analysis 3. Connection elements were used at the
yielding ends of all columns of the 1st, 2nd and the 9th stories and the five columns to the right of the
lOth story. Other yielding columns did not exceed their ultimate moment/curvature capacity. Joint
stresses were calculated based on the girder end moments and column shear forces. In Chapter 2, the joint
region of a non-ductile frame was identified as a potential failure region. The maximum joint shear
stresses developed at the 8th floor in the structure. These were 1O.0~fc in interior joints and 7.7~fc in
exterior joints at the end of the analysis. Pessiki et al. (1990) reported 13.0~fc and l6.0~fc for the
ultimate shear stress developed in a joint without any transverse reinforcement in a one-way framing
system and a two-way framing system respectively. Thus the maximum stresses obtained from this
analysis are below these experimentally obtained limiting values.
The deflected shapes of Figure 6.5 indicate the formation of a collapse mechanism. The discontinuities
on the final deflected shape (S8) indicate column hinging at the base, the 2nd, 9th and 10th stories. The
fifth deflected shape (S5) clearly shows column yielding at the top of the 9th story. Column yielding at
the structure base however is not very clear from this deflected shape. This can be seen from the sixth
shape (S6) together with yielding at the top of the lOth story.
6.4.2 Analysis 2
Analysis 2 is the Working Stress Design structure with infinite ductility capacity of the critical regions
subject to uniform rectangular lateral load. The relative displacement between the roof and the base was
the control displacement during the application of lateral loads. The base shear-floor lateral displacement
curves are given in Figure 6.7. Figure 6.8 plots the normalized base shear-mechanism drift relationship.
Nine states are identified on the normalized base shear-mechanism drift curve. The corresponding
deflected shapes are shown in Figure 6.9. Figure 6.10 includes a series of drawings showing the inelastic
states of the structure identified in Figure 6.8.
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The base shear-floor lateral displacement curves of Figure 6.7 indicate the formation of a collapse
mechanism. It is seen that the relative displacements above the 9th floor were smaller than the relative
displacements below. Two major stiffness changes occurred in the structure. The first one took place
at about 300 kips of base shear. A study of the state drawings in Figure 6.10 reveals that the girders of
the lower floors were yielded at this point. Ail columns were elastic. The second major stiffness change
occurred at a base shear of about 460 kips. It is observed that the lower floors were affected more from
this stiffness change. The state drawings corresponding to this stage in the analysis indicate yielding of
all 1st story columns at the base (S4).
Figure 6.8 indicates a 9-story collapse mechanism (S7) at 2.63% drift and 15.7% base shear (of dead
weight). The formation of this mechanism is illustrated in detail in the state drawings of Figure 6.10.
It is observed that the first major stiffness change occurred shortly after the first girder sway mechanism
formed (el) in the structure. The second major stiffness change occurred following column yielding (e5).
Lateral stiffness remained fairly constant after the formation of the coIIapse mechanism.
Pull-out of the bottom flexural reinforcement from the girder-column interface first occurred (e2) at
0.153% drift and 7.00% base shear. The state drawings show two positive yielding regions on the left
of each girder. These correspond to the girder-column interface and top reinforcement bend region. On
the right, negative yielding initiated at the top reinforcement cut-off region. In all left exterior girders,
pull-out at the girder-column interface under positive bending occurred first, then yielding progressed up
to the top reinforcement bend region on the left, and finally the top reinforcement cut-offregion yielded
under negative bending forming a girder sway mechanism. In the right exterior spans, the situation was
reversed, negative yielding at the top reinforcement cut-off region occurred first, then pull-out at the
girder-column interface took place which was followed by progression of positive yielding up to the top
reinforcement bend region. In interior spans, pull-out occurred first, but positive yielding progressed to
the top reinforcement bend region only after the top reinforcement cut-off region yielded under negative
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bending. Girder yielding began with the 3rd floor, and followed with the 2nd, 4th (Sl), 5th, 1st, 6th (S2),
7th (S3) and the 8th (S4) floors. Columns yielded at the structure base at about 1.4% drift after the
girders of the 8th floov(S4) yielded. A collapse mechanism was finally formed when columns yielded
at the top of the 9th story (S7). Yielding in the 9th floor girders did not contribute to the mechanism.
Progression of negative yielding in the girders towards the end can be observed in the left exterior spans
and also the interior spans of intermediate floors. Columns also yielded at the 2nd, 6th, 7th and the 8th
stories.
" The normalized base shear-mechanism drift curve in Figure 6.8 shows that the top re'inforcement cut-off
~ J
region reached ultimate negative moment/curvature capacity (e8) at 1.48% drift before the mechanism
formed. Under positive bending, the ultimate moment/curvature capacity at the girder-column interface
~
(e9) was reached at 2.52% drift just before the mechanism formed. At the top reinforcement bend region
(e10), ultimate positive moment/curvature capacity was reached at about 3.34% drift after the mechanism
formed. The influence of the ductility limit capacity at the girder-column interface was taken care of by
using connection elements to model pull-out behavior in all girders of the first 9 floors in Analysis 4.
However, the ultimate positive moment/curvature capacity at the top reinforcement bend region and the
top reinforcement cut-off region were not modeled in Analysis 4. Behavior of the non-ductile column
regions were also included in Analysis 4. Connection elements were used at the yielding ends of all
colunllis of the 1st and 7th stories, the left exterior column of the 2nd story, and the five columns to the
right of the 8th and 9th stories. Other yielding columns did not exceed their ultimate moment/curvature
capacity. The maximum joint shear stresses developed in the structure were as follows: 8.8~fc in interior
joints of the 7th floor, and 6.6~fc in exterior joints of the 6th floor. These stresses are below the limiting
values.
The deflected shapes of Figure 6.9 indicate the fonnation of a collapse mechanism. The discontinuities
on the final deflected shape (S9) indicate column hinging at the base, the 2nd, 7th, 8th and 9th stories.
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The fifth deflected shape (S5) clearly suggests column yielding at the structure base. Column yielding
at the top of the 9th story becomes apparent in the 7th deflected shape (S7).
6.4.3 Analysis 3
Analysis 3 is the Working Stress Design structure including limited ductility capacity of the critical
regions subject to triangular lateral load. The relative displacement between the roof and the base was
the initial control displacement during the application of lateral loads. The control displacement was
changed during the analysis as discussed below. The base shear-floor lateral displacement curves are
given in Figure 6.11. Figure 6. 12(a) plots the nonnalized base shear-mechanism drift relationship. Eleven
states are identified on the normalized base shear-mechanism drift curve. The corresponding deflected
shapes are shown in Figure 6.13. Figure 6.14 includes a series of drawings showing the inelastic states
of the structure identified in Figure 6.12(a). An additional figure (Figure 6.12(b)) is included for this
analysis, which plots the base shear versus the relative lateral displacement between the 9th and the 8th
floors.
The base shear-floor lateral displacement curves of Figure 6.11 indicate the formation of a collapse
mechanism. It is seen that relative displacements above the 9th floor were smaller than the relative
displacements below. Four major stiffness changes occurred in the structure. Two of these were sudden
and appear as discontinuities on the curves. The first stiffness change occurred at about 250 kips of base
shear. A study of the state drawings in Figure 6.14 reveals that this change was associated with yielding
and pull-out in the lower floor girders. All columns were elastic. At a base shear of 297 kips the lateral
stiffness became very small. TIus point also defined the maximum resistance when the structure suddenly
unloaded with a positive stiffness. TIle positive unloading stiffness was due to elastic rebound of floors
below tlle 8th floor. The absolute floor displacements began to decrease. At this point, the analysis
routine was controlled by the relative displacement between the 9th and the 8th floors. It can be seen
from Figure 6.12(b) tllat the control displacement increased while the structure unloaded elastically.
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Resistance dropped to a value of 169 kips after which the base shear began to increase. Notice that the
loading stiffnesses for the upper floors were significantly smaller than those of the lower floors. The
structure entered a range of continuous stiffness change. A second peak resistance was reached at 293
kips. The lateral stiffness was almost zero at this point.
Figure 6.l2(a) indicates an 8-story collapse mechanism (Sll) between the 1st and the 9th floors at 3.4S%
drift and 8.71 % base shear (of dead weight). The formation of this mechanism is illustrated in detail in
the state drawings of Figure 6.14. It is observed that the first major stiffness change occurred after the
first girder sway mechanism formed (e1) in the structure. Inelastic unloading at the first pull-out region
was reached at 0.471 % drift (e3). The stiffness reached a small constant value after this at about 0.6S%
drift (S2). Note that when the pull-out regions began to reach residual capacity (e4), the global lateral
stiffness was not affected. This is attributed to the column end regions which began to yield at the same
time (eS). Stiffness increases as the pull-out regions move from a negative stiffness to flat stiffness were
compensated for by the stiffness decrease that occurred in the columns. The last girder sway mechanism
in the structure occurred at 1.71 % drift (E1). A maximum resistance of 8.83% of the dead weight was
reached at 1.83% drift. At this point, the structure experienced a sudden elastic unloading when the first
column section at the top of the 9th story reached its ultimate moment/curvature capacity (e6). The
structure unloaded with a positive stiffness indicating elastic rebound. This point also defined when the
analysis continued with the control of the relative displacement between the 9th and 8th floors. Figure
6.l2(b) shows that the controlled displacement increased during this part of the analysis. The structure
picked up load again after the colwnns of the 9th story began to reach residual capacity (S7). During
loading, lateral stiffness decreased at a constant rate until it vanished at 3.4S% drift and 8.71 base shear
(Sll). A collapse mechanism also fomled at this point when all columns of the 2nd story yielded at the
bottom.
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Pull-out of the bottom flexural reinforcement from the girder-column interface first occurred (e2) at
0.180% drift and 5.93% base shear. The state drawings of Figure 6.14 show one positive yielding location
on the left of each interior and left exterior girder. This corresponds to pull-out at the girder-column
interface. Note that positive yielding did not progress up to the top reinforcement bend region in the
interior and left exterior girders. On the right, negative yielding initiated at the top reinforcement cut-off
region. In all interior and left exterior girders, pull-out at the girder-column interface under positive
bending occurred first, then the top reinforcement cut-off region yielded under negative bending forming
a girder sway mechanism. In the right exterior spans, the situation was reversed, negative yielding at the
top reinforcement cut-off region occurred first, then pull-out at the girder-colwnn interface occurred
forming a girder sway mechanism which was followed by positive yielding at the top reinforcement bend
region on the left. Girder yielding began with the 3rd floor (Sl), and followed with the 4th, 5th, 2nd, 6th,
7th, 1st (S2), and the 8th (S3) floors. Yielding in the 1st and the 9th floor girders did not contribute to
the mechanism. Pull-out regions unloaded inelastically in the following order: 4th, 5th, 3rd, 6th (S2),
2nd, 7th (S3), 8th (S4) and, 1st (SIO) floors. Columns of the 9th story yielded at the top at about 1.8%
(S6). Ultimate moment/curvature capacity was reached at the columns of this story at about 2.0% drift
(S8). A collapse mechanism was formed at 3.45% drift when colunms yielded at the bottom of the 2nd
story (S 1I). The state drawings of Figure 6. I4 show in detail the loading and unloading cycles of the
structure. During unloading, all pull-out and negative yielding regions unloaded elastically but not the
column ends (S6). It is observed that some pull-out regions changed from positive bending to negative
bending. These regions showed cyclic behavior during the unloading-reloading process (S6-SIO). The
reloading stiffness was determined by the stiffness of these cyclic regions. The lateral stiffness continued
to deteriorate as many of these regions returned to inelastic unloading or residual capacity. Progression
of negative yielding towards the midspan (point e in Figure 5.2), (SlO) and the support (point g in Figure
,
5.2), (Sll) was observed in the left exterior spans of intermediate floors. Colunms also yielded at the
structure base (S 11).
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The drift curve in Figure 6. 12(a) shows that the negative cut-off region reaches ultimate bending capacity
(e8) at 1.71% drift shortly before unloading. This represents a region in the structure where non-ductile
behavior was not considered. The maximum joint shear stresses developed at the 8th floor: 6.7--.1f'c in
interior joints, and 7.8--.1f'c in exterior joints. These stresses are below the limiting values.
The deflected shapes of Figure 6.13 indicate the formation of a collapse mechanism. Column hinging at
tile top of the 9th and the bottom of the 2nd stories are clear. Notice how the structure rebounded and
then moved forward again during the analysis (S4-S9).
/
6.4.4 Analysis 4
Analysis 4 is the Working Stress Design structure including limited ductility capacity of the critical
regions subject to uniform rectangular lateral load. The relative displacement between the roof and the
base was the control displacement during the application of lateral loads. The base shear-floor lateral
displacement curves are given in Figure 6.15. Figure 6.16 plots the normalized base shear-mechanism
drift relationship. Eleven states are identified on the normalized base shear-mechanism drift curve. The
corresponding deflected shapes are shown in Figure 6.17. Figure 6.18 includes a series of drawings
showing the inelastic states of the stmcture identified in Figure 6.16.
The base shear-floor lateral displacement curves of Figure 6.15 indicate the formation of a collapse
mechanism. It is seen that relative displacements above the 7th floor were smaller than the relative
displacements below. Six major stiffness changes occurred in the structure. The first one took place at
about 325 kips of base shear. A study of the state drawings in Figure 6.18 reveals that this change was
associated with yielding and pull-out in the lower floor girders. All columns were elastic. At a base shear
of 389 kips tlle lateral stiffness becanle very small. This point also defined the maximum resistance when
the structure began to unload inelastically. Resistance dropped to a value of 259 kips after which the base
shear increased gradually. The lateral stiffness was almost zero when the structure began to unload again.
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Notice that the relative displacement between floors were smaller above the 7th floor. A minimum
resistance was observed at 186 kips. Then, the structure reloaded up to value of 225 kips after which it
unloaded with a constant stiffness. This stiffness reflects the P-t. effect.
Figure 6.16 indicates a 7-story collapse mechanism (58) at 3.55% drift and 7.98% base shear (of dead
weight). The formation of this mechanism is illustrated in detail in the state drawings of Figure 6.18.
It is observed that the first major stiffness change occurred after the first girder sway mechanism formed
(el) in the structure. Inelastic unloading at the first pull-out region was reached at 0.405% drift (e3).
Then, the stiffness reached a small constant value at about 1.1 % drift (53). Note that when the pull-out
regions began to reach residual capacity (e4), the global lateral stiffness was not affected. This is
attributed to the colunm end regions which began to yield almost at the same time (e5). The last girder
sway mechanism in the structure occurred at 1.46% drift (EI). A maximum resistance of 11.6% of the
dead weight was reached at 1.80% drift. At this point, the structure experienced inelastic unloading when
the colunms at the structure base began to reach ultimate moment/curvature capacity and unloaded
inelastically (55). This point also corresponded to the last pull-out region that experienced inelastic
unloading (E3). The structure began to resist additional load again at a base shear of 7.70% when
columns at the base reached residual capacity (57). The stiffness was very small at this point and it
vanished at 3.55% drift (S8). The collapse mechanism also formed at this point when all columns yielded
at the top of the 7th story. The following unloading, reloading sequence was caused by column sections
yielding (E5), column sections unloading inelastically after reaching ultimate moment/curvature capacity
(E6), and colunm sections reaching residual capacity (E7) at the top of the 7th story. The fmal negative
stiffness reflects the P-t. effect.
Pull-out of the bottom flexural reinforcement from the girder-column interface first occurred (e2) at
0.164% drift and 7.01 % base shear. The state drawings of Figure 6.18 show one positive yielding location
on the left of each interior and left exterior girder. This corresponds to pull-out at t1le girder-colunm
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interface. Note that positive yielding did not progress up to the top reinforcement bend region in the
'--
interior and left exterior girders. On the right, negative yielding initiated at the top reinforcement cut-off
region. In all interior and left exterior girders, pull-out at the girder-colu~ interface under positive
bending occurred first, then the top reinforcement cut-off region yielded under negative bending forming
a girder sway mechanism. In the right exterior spans, the situation was reversed, negative yielding at the
top reinforcement cut-off region occurred first, then pulI-out at the girder-column interface occurred
forming a girder sway mechanism which was followed by positive yielding at the top reinforcement bend
region on the left. Girder yielding began with the 3rd floor, and followed with the 2nd (51), 4th, 5th, 1st,
and 6th (52) floors. Yielding in the 7th and 8th floor girders did not contribute to the mechanism. Pull-
out regions unloaded inelastically in the folIowing order: 3rd, 4th, 2nd, 5th (52), 6th (53), 7th and, 1st
(54) floors. Colwnns at the structure base yielded at about 1.8% drift (55). Ultimate moment/curvature
capacity was reached at the colunms of this story at about 2.3% drift (56). Columns yielded at the top
of the 7th story at 3.55% drift forming a colIapse mechanism (S8). The structure began unloading again
(59) after the 7th story columns began to unload inelastically. This caused the columns at the base to
unload elastically (S 10). At about 4.1 % drift, the colwnns of the 7th story reached residual capacity when
the structure began to pick up load again (510). All 7th story columns reached residual capacity at 4.20%
drift (E7). The positive stiffness available in the structure at this state was due to the elastic reloading
of many girder regions and the columns at the structure base (Sl1). The structure then unloaded with a
negative lateral stiffness due to the P-L1 effect. The state drawings of Figure 6.18 show in detail the
loading and unloading cycles of the structure. It is observed that many girder pull-out regions and
colunms at the base showed cyclic elastic unloading-reloading behavior. The interior and left exterior
spans of intermediate floors exhibit a progression of negative yielding towards the midspan and the
support.
TIle drift curve in Figure 6.16 shows that the negative cut-off region reached ultimate bending capacity
(e8) at 1.75% drift. This represents a region in the structure where non-ductile behavior was not
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considered. The maximum joint stresses in the structure developed at the 6th floor as follows: 5.3""f'c in
interior joints, and 6.4""f'c in exterior joints. These stresses are below the limiting values.
It is clear from the deflected shapes of Figure 6.17 that columns first yielded at the base and then at the
top of the 7th story forming a mechanism. Notice that the additional lateral displacement between S9 and
S10 occurred at the upper stories when the columns of the 7th story unloaded inelastically (with increasing
deformation) and the girders of the lower floors and the columns at the base unloaded elastically.
6.4.5 Analysis 5
Analysis 5 is the Ultimate Strength Design structure with infinite ductility capacity of the critical regions
subject to triangular lateral load. The relative displacement between the roof and the base was the control
displacement during the application of lateral loads. The base shear-floor lateral displacement curves are
given in Figure 6.19. Figure 6.20 plots the normalized base shear-mechanism drift relationship. Nine
states are identified on the normalized base shear-mechanism drift curve. The corresponding deflected
shapes are shown in Figure 6.21. Figure 6.22 includes a series of drawings showing the inelastic states
of the structure identified if Figure 6.20.
The base shear-floor lateral displacement curves of Figure 6.19 indicate the formation of a collapse
/"
mechanism. It is seen that the relative displacements above the 8th floor were smaller than the relative
displacements below. Two major stiffness changes occurred in the structure. The first one took place
at about 200 kips of base shear. A study of the state drawings in Figure 6.22 reveals that the girders of
the lower floors yielded at this point. All columns were still elastic. The second major stiffness change
occurred at a base shear of about 280 kips. It is observed that the lower floors were affected more from
tills stiffness change. The state drawings corresponding to tills stage in the analysis indicate yielding of
the 1st story colwnns at the base (S5). 111e lateral stiffness vanished at the end of tI1e analysis. This
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indicates that the negative stiffness due to the P-L-. effect was compensated for by the positive stiffness
due to the assumed strain hardening in the critical regions of the colunms and girders.
Figure 6.20 indicates an 8-story collapse mechanism (56) at 2.50% drift and 9.25% base shear (of dead
weight). The formation of this mechanism is illustrated in detail in the state drawings of Figure 6.22.
It is observed that the first major stiffness change occurred shortly after the first girder sway mechanism
formed (eI) in the structure. The second major stiffness change occurred following column yielding (e5).
Lateral stiffness remained fairly constant after the formation of the collapse mechanism.
Pull-out of the bottom flexural reinforcement from the girder-colunm interface first occurred (e2) at
0.247% drift and 5.46% base shear. The state drawings show two positive yielding regions on the left
of each girder. These correspond to the girder-colunm interface and top reinforcement bend region. On
the right, negative yielding initiated at the top reinforcement cut-off region. In all interior and left exterior
girders, positive yielding at top reinforcement bend region occurred first, then positive yielding progressed
up to the girder-column interface causing pull-out, and finally the top reinforcement cut-off region yielded
under negative bending fonning a girder sway mechanism. In the right exterior spans, the situation was
reversed, negative yielding at the top reinforcement cut-off region occurred first, then positive yielding
at top reinforcement bend region occurred fOffiling a girder sway mechanism, which was followed by pull-
out at the girder-column interface. Girder yielding began with the 3rd floor, and followed with the 4th,
2nd, 5th, 6th, 7th and the 1st (52) floors. Columns yielded at the structure base at about 1.8% drift (55).
A collapse mechanism was finally fanned when columns yielded at the top of the 8th story (56). Yielding
in the 8th and the 9th floor girders did not contribute to the mechanism. Progression of negative yielding
towards tile support was observed in the interior spans of intermediate floors. Colwnns also yielded at
the 2nd, 7th and tile 9th stories.
118
The nonnalized base shear-mechanism drift curve in Figure 6.20 shows that the top reinforcement cut-off
region reached ultimate negative moment-curvature capacity (e8) at 1.96% drift before the mechanism
fonns. Under positive bending, the ultimate moment/curvature capacity at the girder-column interface (e9)
was reached at 3.54% drift after the mechanism fonned. At the top reinforcement bend region (elO),
ultimate moment/curvature capacity was reached at 3.46% drift. The influence of the ductility limit at the
girder-column interface was taken care of by using connection elements to model pull-out behavior in all
girders of the first 9 floors in Analysis 7. However, the ultimate moment/curvature capacity (ductility
limit) at the top reinforcement bend region and the top reinforcement cut-off region were not modeled in
Analysis 7. Behavior of the non-ductile column regions were also included in Analysis 7. Connection
elements were used to model non-ductile behavior of all column ends that yielded. The maximum joint
shear stresses developed in the structure were as follows: 12.4"fc in interior joints of the 7th floor, and
9.7-../[,c in exterior joints of the 9th floor. These stresses are below the limiting values.
The deflected shapes of Figure 6.21 indicate the fonnation of a collapse mechanism. The discontinuities
on the final deflected shape (S9) indicate column hinging at the base, 2nd, 8th, and 9th stories. The sixth
deflected shape (S6) clearly suggests column yielding at the base. Column yielding at the other stories
are also shown.
6.4.6 Analysis 6
Analysis 6 is the Ultimate Strength Design structure with infinite ductility capacity of the critical regions
subject to uniform rectangular lateral load. The relative displacement between the roof and the base was
the control displacement during the application of lateral loads. TIle base shear-floor lateral displacement
curves are given in Figure 6.23. Figure 6.24 plots the normalized base shear-mechanism drift relationship.
Ten states are identified on the normalized base shear-mechanism drift curve. The corresponding deflected
shapes are shown in Figure 6.25. Figure 6.26 includes a series of drawings showing the inelastic states
of the structure.
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The base shear-floor lateral displacement curves of Figure 6.23 indicate the formation of a collapse
mechanism. It is seen that the relative displacements above the 7th floor were smaller than the relative
displacements below. Two major stiffness changes occurred in the structure. The first one took place
at about 250 kips of base shear. A study of the state drawings in Figure 6.26 reveals that the girders of
the lower floors yielded at this point. All columns were elastic. The second major stiffness change
occurred at a base shear of about 330 kips. It is observed that the lower floors were affected more from
this stiffness change. The state drawings corresponding to this stage in the analysis indicate yielding of
the 1st story columns at the base (54). The lateral stiffness vanished at the end of the analysis. This
indicates that the negative stiffness due to the p-t. effect was compensated by the positive stiffness due
to the assumed strain hardening in the critical regions of the columns and girders.
Figure 6.24 indicates a 7-story collapse mechanism (S6) at 2.38% drift and 11.3% base shear (of dead
weight). The formation of this mechanism is illustrated in detail in the state drawings of Figure 6.26.
It is observed that the first major stiffness change occurred shortly after the first girder sway mechanism
formed (el) in the structure. The second major stiffness change occurred following column yielding (e5).
Lateral stiffness changed little after the fomlation of the collapse mechanism.
Pull-out of the bottom flexural reinforcement from the girder-column interface first occurred (e2) at
0.231 % drift and 6.39% base shear. The state drawings show two positive yielding regions on the left
of each girder. 111ese correspond to the girder-column interface and top reinforcement bend region. On
the right, negative yielding initiated at the top reinforcement cut-off region. In all interior and left exterior
girders, positive yielding at top reinforcement bend region occurred first, then yielding progressed up to
the girder-column interface causing pull-out, and finally the top reinforcement cut-off region yielded under
negative bending forming a girder sway mechanism. In the right exterior spans, the situation was
reversed, negative yielding at the top reinforcement cut-off region occurred first, then positive yielding
at the top reinforcement bend region occurred forming a girder sway mechanism, which was followed by
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pull-out at the girder-column interface. Girder yielding began with the 3rd floor, and followed with the
2nd, 4th, 5th, 1st, and the 6th (52) floors. Columns yielded at the structure b~e at about 1.5% drift (S4).
A collapse mechanism was finally formed when columns yielded at the top of the 7th story (S6). Yielding
I in the 7th, 8th and the 9th floor girders did not contribute to the mechanism. Progression of negative
yielding towards the support was observed in the interior spans of lower floors. Columns also yielded
at the 2nd, 6th and the 8th stories.
The normalized base shear-mechanism drift curve in Figure 6.24 shows that the top reinforcement cut-off
region reached ultimate negative moment/curvature capacity (e8) at 2.07% drift before the mechanism
forms. Under positive bending, the ultimate moment/curvature capacity at the girder-column interface (e9)
was reached at 3.56% drift after the mechanism. At the top reinforcement bend region (elO), ultimate
positive moment/curvature capacity was reached at 3.47% drift. The maximum joint shear stresses
developed in the structure were as follows: 1O.7..Jf'c in interior joints of the 6th floor, and 8.8..Jf'c in
exterior joints of the 5th floor. These stresses are below the limiting values.
The deflected shapes of Figure 6.25 indicate the fonnation of a collapse mechanism. The discontinuities
on the final deflected shape (5 I0) indicate column hinging at the base, 2nd, 7th, and 8th stories. The sixth
deflected shape (S6) clearly suggests column yielding at the structure base. Column yielding at the other
stories is also shown.
6.4.7 Analysis 7
Analysis 7 is the Ultimate Strength Design structure including limited ductility capacity of the critical
regions subject to triangular lateral load. The relative displacement between the roof and the base was
the initial control displacement during the application of lateral loads. The control displacement was
changed during the analysis as discussed below. The base shear-floor lateral displacement curves are
given in Figure 6.27. Figure 6.28 plots the normalized base shear-mechanism drift relationship. Nine
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states are identified on the normalized base shear-mechanism drift curve. The corresponding deflected
shapes are shown in Figure 6.29. Figure 6.30 includes a series of drawings showing the inelastic states
of the structure identified in Figure 6.28.
The base shear-floor lateral displacement curves of Figure 6.27 indicate the formation of a collapse
mechanism. It is seen that relative displacement between the 8th and 7th floors was larger than the
displacements above and below suggesting loss of lateral stiffness in that region. The formation of a
single story mechanism between these floors is clear. Note how the relative displacement between the
8th and the 7th floors increased as the analysis progressed. Three major stiffness changes occurred in the
structure. The first one took place at about 200 kips of base shear. A study of the state drawings in
Figure 6.30 reveals that this change was associated with yielding and pull-out in the lower floor girders.
All columns were elastic. At a base shear of 249 kips the lateral stiffness vanished. This point also
defined the maximum resistance when the structure began to unload. It is observed that the lateral
displacement of the 6th floor decreased during unloading indicating tllat this floor (and the floors below)
rebounded elastically. The upper floors, however, continued to go forward. Note that the unloading
stiffness was less steep in the floors above the 9th floor. Resistance dropped to a value of 188 kips after
which the structure began to pick up load again. The lateral stiffness was almost zero when a second peak
resistance was reached at 206 kips.
Figure 6.27 indicates a single story collapse mechanism between the 7th and 8th floors (S9) at 4.32% drift
and 6.57% base shear (of dead weight). To form such a mechanism, all columns of the 8th story yielded
at the top and tlle bottom. This mechanism did not contain girder yielding. The fonnation of this
mechanism is illustrated in detail in the state drawings of Figure 6.30. It is observed that the first major
stiffness change occurred after the first girder sway mechanism fOffiled (el) in the structure. Inelastic
unloading at the first pull-out region was reached at 0.580% drift (e3). The last girder sway mechanism
in the structure occurred at 0.690% drift (E I). Shortly after, the structure reached its maximum resistance
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of 7.93% base shear at 0.957% drift when top of the 8th story columns began yielding (S3). The columns
began to reach ultimate moment/curvature capacity shortly after this peak (e6). The structure experienced
inelastic unloading at this stage. The relative displacement between the 8th and the 7th floors was used
as the control displacement after this point in the analysis. There was a slight decrease in the unloading
stiffness after the first column section reached residual resistance (e7). A minimum resistance of 5.99%
base shear was reached after the first pull-out region and the column end regions at the top of the 8th
story reached residual capacity (S6). Base shear increased gradually after this until a second peak was
reached at 4.32% drift. This point also defmed the collapse mechanism when columns of the 8th story
yielded at the bottom.
Pull-out of the bottom flexural reinforcement from the girder-column interface first occurred (e2) at
0.253% drift and 5.55% base shear. The state drawings of Figure 6.30 show two positive yielding
locations on the left of each girder. These correspond to pull-out at the girder-column interface and the
positive moment yielding in the top reinforcement bend region. On the right, negative yielding initiated
at the top reinforcement cut-off region. In all interior and left exterior girders, the top reinforcement bend
region under positive bending yielded first, then yielding progressed up to the girder-column interface
causing pull-out, and finally top reinforcement cut-off region yielded under negative bending forming a
girder sway mechanism. In the right exterior spans, the situation was reversed, negative yielding at the
top reinforcement cut-off region occurred first, then the top reinforcement bend region yielded in positive
moment forming a girder sway mechanism after which pull-out at the girder-eolumn interface occurred.
Girder yielding began with the 3rd floors, and followed with the 4th (Sl), 2nd, 5th, 6th, 1st, 7th (S2), and
8th (S3) floors. However, girder yielding did not contribute to the single story mechanism. Pull-out
regions unloaded inelastically in the following order: 5th, 4th (S3), 6th, 3rd (S4), and the 7th (S5) floors.
Columns of the 8th story yielded at the top at about 1.4% (S4). Shortly after, ultimate moment/curvature
capacity was reached at the colmrms of this story. Finally, 8th story columns also yielded at the bottom
at 4.32% drift fonning a single story collapse mechanism (S9).
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The bottom of the 8th story columns which yielded, did not contain connection elements modeling non-
ductile behavior. These regions were not identified as non-ductile regions from the results of Analysis
5. However, the results of Analysis 7 indicate that the bottom regions of some of the 8th story columns
exceeded the ultimate moment/curvature capacity shortly before the collapse mechanism formed. This
situation is an excellent example of the iterative nature of the analysis technique followed in this research.
Ideally, a third analysis is required to model the non-ductile regions at the bottom of the 8th story columns
based on the forces and deformations obtained from Analysis 7. The drift curve in Figure 6.28 shows that
the top reinforcement cut-off region reached ultimate negative moment/curvature capacity (e8) at 3.05%
drift before the mechanism formed. This represents another region in the structure where non-ductile
behavior was not modeled, but should be. The maximum joint shear stresses developed in the structure
were as follows: 8.1""fe in interior joints of the 7th floor, and 8.8'-1fe in exterior joints of the 8th floor.
These stresses are lower than the limiting values.
The deflected shapes of Figure 6.29 clearly show hinging at the top of the 8th story. Rebound of
intermediate stories during unloading can also be seen (54-56).
124
I
I
1
I
I
\:J~
(0.) (b)
I
I
1
\;1(1\ I
\ I
\1
(c)
Figure 6.1 Deflected shape of a low-rise (a), high-rise (b), and medium-rise (c) multi-story structure.
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Figure 6.2 Triangular (a) and uniform rectangular (b) lateral load profiles.
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Figure 6.3 Base shear-floor lateral displacement relationships for Analysis 1.
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Figure 6.4 Normalized base shear-mechanism drift relationship for Analysis 1.
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Figure 6.5 Deflected shapes for Analysis 1.
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Figure 6.6 Inelastic states of Analysis 1 - S1.
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Figure 6.6 (continued) Sl-S2.
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Figure 6.6 (continued) S2.
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Figure 6.6 (continued) 52-53.
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Figure 6.6 (continued) S3.
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Figure 6.6 (continued) S3-S4.
133
EDcnA
yy y yy y yy y yy y yy y
y y y
- -
1.-
- --
yy y yy y yy y yy y yy y
yy y yy y yy y yy y yy y
yy y yy y yy y yy y yy y
yy y yy y yy y yy y yy y
yy y yy y yy y yy y yy y
yy y yy y yy y yy y yy y
yy y yy y yy y yy y yy y
yy y yy y yy y yy y yy y
4
2
6
7
9
5
3
8
10
11
12
Figure 6.6 (continued) 54.
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Figure 6.6 (continued) S4-S5.
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Figure 6.6 (continued) S5.
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Figure 6.6 (continued) S5-S6.
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Figure 6.6 (continued) S6.
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Figure 6.6 (continued) S6-S7.
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Figure 6.6 (continued) S7.
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Figure 6.6 (continued) S7-S8.
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Figure 6.6 (continued) 58.
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Figure 6.7 Base shear-floor lateral displacement relationships for Analysis 2.
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Figure 6.8 Nomlalized base shear-mechanism drift relationship for Analysis 2.
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Figure 6.9 Deflected shapes for Analysis 2.
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Figure 6.10 Inelastic states of Analysis 2 - S1.
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Figure 6.1 0 (continued) S1-S2.
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Figure 6.10 (continued) 52.
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Figure 6.10 (continued) 52-53.
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Figure 6.10 (continued) S3.
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Figure 6.10 (continued) S3-S4.
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Figure 6.1 a (continued) S4.
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Figure 6.10 (continued) S4-S5.
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Figure 6.10 (continued) S5.
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Figure 6.10 (continued) S5-S6.
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Figure 6.10 (continued) S6.
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Figure 6.1 0 (continued) S6-S7.
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Figure 6.10 (continued) 57.
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Figure 6.10 (continued) 57-58.
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Figure 6.1 0 (continued) S8.
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Figure 6.10 (continued) S8-S9,
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Figure 6.11 Base shear-floor lateral displacement relationships for Analysis 3.
Figure 6.12(a) Nonnalized base shear-mechanism drift relationship for Analysis 3.
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12
11
10
~
o
o
G=
234
control displacement (inches)
50
250
100
300
Figure 6.12(b) Base shear-control displacement relationship for Analysis 3.
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Figure 6.14 Inelastic states of Analysis 3 - SI.
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Figure 6.14 (continued) 51-52.
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Figure 6.14 (continued) 52.
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Figure 6.14 (continued) S3.
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Figure 6.14 (continued) 53-54.
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Figure 6.14 (continued) 54.
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Figure 6.14 (continued) S4-S5.
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Figure 6.14 (continued) 55.
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Figure 6.14 (continued) S5-S6.
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Figure 6.14 (continued) 56.
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Figure 6.14 (continued) 56-57.
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Figure 6.14 (continued) S7.
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Figure 6.14 (continued) S7-S8.
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Figure 6.14 (continued) S8.
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Figure 6.14 (continued) S8-S9.
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Figure 6.14 (continued) S9.
180
A D c D E F
12
11
10
9
8
6
5
4
3
2
y
y
y
y
r r r r
r y d Y d Y d Y d Y
d Y d Y d Y d Y d Y
dd Y d Y d Y d Y Y Y
Figure 6.14 (continued) 59-510.
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Figure 6.14 (continued) SlO.
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Figure 6.14 (continued) 510-511.
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Figure 6.14 (continued) Sil.
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Figure 6.15 Base shear-floor lateral displacement relationships for Analysis 4.
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Figure 6.16 NOffilalized base shear-mechanism drift relationship for Analysis 4.
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Figure 6.17 Deflected shapes for Analysis 4.
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Figure 6.18 Inelastic states of Analysis 4 - S I.
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Figure 6.18 (continued) SI-S2.
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Figure 6.18 (continued) S2.
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Figure 6.18 (continued) S3.
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Figure 6.18 (continued) S3-S4.
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Figure 6.18 (continued) S4.
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Figure 6.18 (continued) S4-S5.
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Figure 6.18 (continued) S5.
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Figure 6.18 (continued) 55-56.
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Figure 6.18 (continued) 56-57.
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Figure 6.18 (continued) 57-58.
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Figure 6.18 (continued) S8-S9.
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Figure 6.18 (continued) S9.
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Figure 6.18 (continued) S9-SlO.
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Figure 6.18 (continued) SlO-511.
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Figure 6.18 (continued) 511.
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Figure 6.19 Base shear-floor lateral displacement relationships for Analysis 5.
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Figure 6.20 Normalized base shear-mechanism drift relationship for Analysis 5.
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Figure 6.21 Deflected shapes for Analysis 5.
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Figure 6.22 Inelastic states of Analysis 5 - Sl.
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Figure 6.22 (continued) 52.
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Figure 6.22 (continued) S2-S3.
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Figure 6.22 (continued) 53.
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Figure 6.22 (continued) 53-54.
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Figure 6.22 (continued) S6.
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Figure 6.22 (continued) S6-S7.
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Figure 6.22 (continued) 58-59.
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Figure 6.22 (continued) S9.
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Figure 6.23 Base shear-floor lateral displacement relationships for Analysis 6.
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Figure 6.24 NOIl1)alized base shear-mechanism drift relationship for Analysis 6.
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Figure 6.25 Deflected shapes for Analysis 6.
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Figure 6.26 Inelastic states of Analysis 6 - S1.
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Figure 6.26 (continued) 52.
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Figure 6.26 (continued) 52-53.
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Figure 6.26 (continued) S3-S4.
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Figure 6.26 (continued) 54.
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Figure 6.26 (continued) 54-55.
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Figure 6.26 (continued) S5.
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Figure 6.26 (continued) S5-S6.
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Figure 6.26 (continued) S6.
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Figure 6.26 (continued) S6-S7.
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Figure 6.26 (continued) S7-S8.
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Figure 6.26 (continued) 58.
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Figure 6.26 (continued) S8-S9.
244
FEDcBA
2
4
9
3
7
6
y y y
- yy y yy y yy y yy y yy y
y y y y y y
yy y yy y yy )1 Y yy Y yy Y
~-
Y Y Y Y Y Y
yy Y yy Y yy Y yy Y yy y
yy y yy y y yy y y yy y y yy y
yy y yy y y yy y y yy y y yy y
yy y yy y y yy y y yy y y yy y
yy y yy y y yy y y yy y y yy y
y y y y y
/ / / / /yy y yy y yy y yy y n' y
1
Y Y Y Y y y
8
u
10
11
Figure 6.26 (continued) S9.
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Figure 6.26 (continued) 59-510.
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Figure 6.26 (continued) SID.
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Figure 6.27 Base shear-floor lateral displacement relationships for Analysis 7.
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Figure 6.28 Normalized base shear-mechanism drift relationship for Analysis 7.
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Figure 6.29 Deflected shapes for Analysis 7.
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Figure 6.30 Inelastic states of Analysis 7 - 51.
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Figure 6.30 (continued) S1-S2.
251
A n c D E F
12
11
10
9
8
7
6
5
4
3
2
,
yy y yy yy yy y y
yy y yy y yy y yy y yy y
yy y yy y yy y yy y yy Y
dy Y yy Y yy Y yy Y yy Y
dy Y yy Y yy Y yy Y yy Y
yy Y yy Y yy Y yy Y yy Y
yy Y yy Y yy Y yy Y yy Y
yy Y yy Y yy Y yy Y yy Y
Figure 6.30 (continued) 52.
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Figure 6.30 (continued) 52-53.
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Figure 6.30 (continued) S3.
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Figure 6.30 (continued) 53-54,
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Figure 6.30 (continued) S5.
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Figure 6.30 (continued) S5-S6.
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Figure 6.30 (continued) S6.
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Figure 6.30 (continued) S6-S7.
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Figure 6.30 (continued) S7.
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Figure 6.30 (continued) 57-58.
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Figure 6.30 (continued) S8.
264
A B c D E F
12
11
10
9
8
7
6
5
4
3
2
y y y
r
r r r
d y Y y y y y y y y
Figure 6.30 (continued) 58-59.
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Figure 6.30 (continued) S9.
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CHAPTER 7
COMPARISON AND DISCUSSION OF ANALYSIS RESULTS
7.1 INTRODUCTION
This chapter presents a comparison and discussion of the analysis results presented in Chapter 6. Section
7.2 gives comparisons of the analysis results. The importance of each of the potentially critical details
that were identified in Section 2.3 on the seismic behavior of the prototype stmctures is discussed in
Section 7.3. Finally, the importance of modeling local non-ductile behavior on the global seismic behavior
of the prototype structures is discussed in Section 7.4.
7.2 COMPARISON OF RESULTS
Comparisons were made between Analyses 1 through 7. Section 6.4.1 compares the results obtained from
the infinite and limited ductility capacity cases. The results obtained from the triangular and uniform
rectangular lateral load profiles are compared in Section 6.4.2. Finally Section 6.4.3 compares the results
obtained for the Working Stress and the Ultimate Strength Design stmctures.
7.2.1 Infinite Ductility Versus Limited Ductility
Figures 7.1 and 7.2 combine the nOffilalized base shear-mechanism drift curves and deflected shapes of
Analyses I and 3. Similarly, Figures 7.3 and 7.4 compare Analyses 2 and 4, and Figures 7.5 and 7.6
compare Analyses 5 and 7. Only the deflected shapes corresponding to third state (S3) and the
mechanism state are shown in Figures 7.2, 7.4 and 7.6.
It is emphasized that the lateral drift values plotted on the horizontal scale of the normalized base shear-
mechanism curves depend on the collapse mechanism fomled in that analysis. Each nonnalized base
shear-mechanism drift curve reflects the lateral drift of the stories fOffiling the mechanism in that particular
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analysis. For Analyses I and 3 and Analyses 2 and 4 (i.e., for the Working Stress Design structure) this
method of comparison is reasonable since the mechanisms that developed are comparable. However, the
situation is quite different for the Ultimate Strength Design structure because an 8-story mechanism was
formed in the infinite ductility case (Analysis 5) and a single story mechanism was formed in the limited
ductility case (Analysis 7).
The behavior of a given structure should be the same for both the infinite ductility and the limited ductility
analysis cases before the first pull-out region at the girder-column interface or the first non-ductile column
end region unloads inelastically (i.e., the local ductility limit is reached). However, due to the method
of comparison discussed above, if the mechanisms that form in the infinite ductility and limited ductility
analysis cases for the sanle structure are not the sanle, there will be a difference in the normalized base
shear-mechanism drift curves before the first pull-out region or the first non-ductile column end region
unloads inelastically in the structure.
The initial lateral stiffnesses are the same in the infinite and the limited ductility cases of Analysis I and
Analysis 3, Analysis 2 and Analysis 4, and Analysis 5 and Analysis 7. The normalized base shear-
mechanism drift curves deviate greatly after the pull-out regions start inelastic unloading (e3) (i.e., the
local ductility limit is reached). Column end regions reach their ductility limit (e6) later in the response.
The differences in lateral stiffness and base shear between the two analyses of the same structure (i.e.,
the infinite ductility and limited ductility cases) are attributed to the combined effect of the pull-out
regions in the girders and the non-ductile column end regions which unloaded inelastically and reached
their residual capacity during the response. In Figure 7.5, which compares Analysis 5 and 7, it appears
that the base shear resistance of the limited ductility case (Analysis 7) exceeds that of the infinite ductility
case (Analysis 5) early in the response. This is due to the method of comparison and the different
mechanisms that formed in Analyses 5 and 7. The curve for Analysis 5 reflects the lateral drift for the
lower eight stories, while the curve for Analysis 7 reflects the lateral drift for the eighth story only, since
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a single story mechanism was formed between,the 8th and the 7th floors. Thus the normalized base shear-
mechanism drift curve for Analysis 7 represents the lateral drift of the 8th story only. On the other hand,
an 8 story mechanism was formed in Analysis 5. The normalized base shear-mechanism drift curve for
this analysis case represents the lateral drift of the first 8 stories of the structure.
In general, the base shear capacity at the formation of a collapse mechanism dropped between 30%-60%
when local non-ductile behavior was considered in the analyses. The normalized base shear-mechanism
drift curves of the infinite ductility cases do not give any information about the ductility capacity of the
structures. However, the limited ductility cases give information about the global ductility capacity of the
structures as well as local ductility capacity-global ductility capacity relationships. The deflected shapes
indicate the different collapse mechanisms that form in the analysis cases. The deflected shapes
corresponding to the third state are similar.
One significant difference in local behavior between the infinite ductility and limited ductility cases was
observed for the Working Stress Design structure. The interior and left exterior girders of the Working
Stress Design structure did not yield under positive bending at the top reinforcement bend region when
pull-out behavior was modeled at the girder-column interface in Analyses 3 and 4 (see inelastic state
drawings of Chapter 6). Inelastic unloading due to pull-out of bottom flexural reinforcement at the girder-
column interface prevented the top reinforcement bend region from yielding. In Analyses I and 2 in
which this local ductility limit was not considered, the top reinforcement yielded due to progression of
positive yielding from the girder-column interface.
7.2.2 Triangular Versus Uniform Rectangular lAlad Cases
Figures 7.7 and 7.8 combine the normalized base shear-mechanism drift curves and deflected shapes of
Analyses 1 and 2. Similarly, Figures 7.9 and 7.1 0 compare Analyses 3 and 4, and Figures 7.11 and 7.12
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compare Analyses 5 and 6. Only the deflected shapes corresponding to third state (S3) and the
mechanism state are shown in Figures 7.8, 7.10 and 7.12.
It is observed that the uniform rectangular lateral load distribution resulted in a higher lateral stiffness and
maximum base shear resistance. It is found that the maximum base shear resistance was 20%-30% higher
for the uniform rectangular lateral load distribution. The deflected shapes show that for the uniform
rectangular lateral load distribution, inelasticity in the structures was concentrated more in the girders of
the lower floors and in the columns at the base. This can also be observed in the inelastic state drawings
of Chapter 6. Clearly, the force resultant of the uniform rectangular lateral load distribution was located
below that of the triangular lateral load distribution along the height of the building. Therefore, the lower
stories were affected more from this lateral load distribution. The shape of the lateral load distribution
was also the main reason for the higher initial lateral stiffness obtained for the uniform rectangular load
case.
7.2.3 Working Stress Versus Ultimate Strength Design Structures
The inelastic state drawings of Chapter 6 show different yielding sequences in the girders of the Working
Stress Design structure and the Ultimate Strength Design structure. In the Ultimate Strength Design
structure, negative yielding initiated at the top reinforcement cut-off region on the right and positive
yielding initiated at the top reinforcement bend region on the left forming the girder sway mechanism
before pull-out occurred at the girder-column interface. In the Working Stress Design structure however,
pull-out at the girder-column interface and negative yielding at the top reinforcement cut-off region
occurred forming the girder sway mechanism before positive yielding at the top reinforcement bend region
occurred. In the Working Stress Design structure and also in the Ultimate Strength Design structure, the
pull-out moment at the girder-eolunm interface was similar in magnitude to the positive yielding moment
at the top reinforcement bend region (Wu, 1993). The pull-out moment at the girder-column interface and
the positive yielding moment at the top reinforcement bend region of the Working Stress Design structure
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were larger than the pull-out moment at the girder-column interface and the positive yielding moment at
the top reinforcement bend region of the Ultimate Strength Design structure (Wu, 1993). This was due
to the larger girder sections designed for the Working Stress Design structure (girder flexural
reinforcement areas were similar in the two prototype structures). As additional lateral loads were applied
to the prototype structures, the girder moment diagram at the left end due to combined gravity plus lateral
loads shifted from a positive gradient (positive bending moments increased from the left end of the girders
towards the midspan) to a negative gradient (positive bending moments decreased from the left end of the
girders towards the midspan). Since the pull-out moment at the girder-column interface and the positive
yielding moment at the top reinforcement bend region of the Ultimate Strength Design structure were
smaller than the pull-out moment at the girder-column interface and the positive yielding moment at the
top reinforcement bend region of the Working Stress Design structure, the girders of the Ultimate Strength
Design structure reached the positive moment capacity at the top reinforcement bend region while the
girder bending moment diagram in this region still had a positive gradient. On the other hand, due to
larger positive moment capacity, the girders of the Working Stress Design structure reached the positive
moment capacity at the girder-column interface after the girder bending moment diagram in this region
shifted to a negative gradient. Since the positive moment capacities at the girder-column interface and
the top reinforcement bend region of each prototype structure were similar (the positive bending capacity
envelope was flat along the girder in this region), the negative moment gradient of the girder moment
diagram in this region (positive bending moments decreased from the left end of the girders towards the
midspan) caused pull-out at the girder-eolumn interface to occur before positive yielding occurred at the
top reinforcement bend region in the Working Stress Design structure. Similarly, the positive gradient
of the girder moment diagram (positive bending moments increased from the left end of the girders
towards the midspan) in the Ultimate Strength Design structure caused the top reinforcement bend region
to yield under positive bending before pull-out occurred at the girder-eolumn interface.
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Figures 7.13 and 7.14 combine the normalized base shear-mechanism drift curves and deflected shapes
of Analyses 1 and 5. Similarly, Figures 7.15 and 7.16 compare Analyses 2 and 6 and, Figures 7.17 and
7.18 compare Analyses 3 and 7. Only the deflected shapes corresponding to third state (S3) and the
mechanism state are shown in Figures 7.14, 7.16 and 7.18. In all cases higher maximum base shear.
capacity and lateral stiffness were observed for the Working Stress Design structure. The base shear
corresponding to the collapse mechanism was 30%-40% higher for the Working Stress Design structure.
This is due to the larger column and girder sections designed for the Working Stress Design structure.
It is observed that a single story collapse mechanism was formed in the Ultimate Strength Design structure
whereas 7- and 8-story collapse mechanisms were formed in the Working Stress Design structure in the
analysis cases where local non-ductile behavior was considered. Deflected shapes display the differences
between the mechanisms that formed in the analyses that are compared. The smaller column sections
designed for the Ultimate Strength Design structure resulted in a single story collapse mechanism. To
obtain better seismic behavior, many of the lower and intermediate story columns of the Ultimate Strength
Design structure need to be retrofit to increase the ultimate moment/curvature capacity. On the other
hand, retrofit of a few lower story columns may be sufficient to achieve a satisfactory global seismic
behavior of the Working Stress Design structure.
7.3 IMPORTANCE OF CRITICAL DETAILS
This section provides a summary of the importance of each of the potentially critical details that were
identified in Section 2.3. Sections 7.3.1 through 7.3.5 discuss the embedded girder bottom flexural
reinforcement at the girder-colwnn interface; the girder flexural reinforcement cut-off and bend regions;
lightly confined columns and column splices; the lack of transverse girder-column joint reinforcement;
and the lack of girder transverse reinforcement.
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7.3.1 Embedded Girder Bottom Flexural Reinforcement
In the Working Stress Design structure, pull-out of the bottom flexural reinforcement from the girder-
column interface first occurred (e2) at about 0.154%-0.180% drift; the first pull-out region unloaded
inelastically (e3) at about 0.405-0.417% drift (i.e., the local ductility capacity was reached); and the first
pull-out region reached its residual strength (e4) at about 1.31-1.35% drift. In the Ultimate Strength
Design structure, pull-out at the girder-column interface first occurred at about 0.231-0.253% drift; the
first pull-out region unloaded inelastically at about 0.580% drift; and the first pull-out region reached its
residual strength at about 2.37% drift In all cases, pull-out of bottom flexural reinforcement from the
girder-column interface occurred very early in the response and contributed much to the deterioration of
__ the initial lateral stiffness of the structure. Also, in all analysis cases where non-ductile behavior of the
pull-out regions was considered, these regions reached their ductility limit early in the response before a
collapse mechanism was formed. In general, the non-ductile behavior of the pull-out regions did not limit
the global ductility capacity of the prototype structures. Rather, the non-ductile behavior of the pull-alit
regions contributed significantly to the reduced lateral stiffness and the base shear capacity of the
prototype structures when non-ductile behavior was considered. It seems that, an increase in the base
shear capacity of the prototype structures can be achieved by properly retrofiting the non-ductile pull-out
regions. However, such a retrofit would not significantly increase the ductility capacity of the prototype
structures, which is limited by the lack of ductility in the colunms.
7.3.2 Girder Flexural Reinforcement Cut-off and Bend Regions
In the Working Stress Design structure, ultimate negative moment/curvature capacity at the top
reinforcement cut-off region was reached (e8) in the 8th, 9th, 8th and the 9th floors, at 1.57%, 1.48%,
1.71 % and 1.75% drift in Analyses 1,2, 3 and 4 respectively. In the Ultimate Strength Design structure,
ultimate negative moment/curvature at the top reinforcement cut-off region was reached in the 8th, 10111
and the 6th floors, at 1.96%,2.07% and 3.05% drift in Analyses 5, 6 and 7 respectively. In all cases, the
ultimate negative moment/curvature capacity was reached before a collapse mechanism formed. However,
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possible non-ductile behavior of this region was not considered in Analyses 3, 4 and 7. In Analyses 3
and 4, in which local non-ductile behavior of the pull-out regions and the column end regions was
considered for the Working Stress Design struCture, the ultimate negative moment/curvature capacity at
the top reinforcement cut-off region was exceeded in certain girders of the 8th and 9th floors shortly
before the first decrease in base shear (i.e., inelastic unloading) occurred. The global response would be
affected if the non-ductile behavior of the top reinforcement cut-off regions was also considered in
Analyses 3 and 4. However, the non-ductile behavior of these regions would have occurred in only
certain girders of the 8th and the 9th floors of the structure. Also, as soon as the structure started to
unload (which happened shortly after the top reinforcement cut-off regions reached their ultimate negative
moment/curvature capacities), these regions unloaded elastically. Therefore, the base shear capacity of
the prototype structures would not be greatly affected by non-ductile behavior of a limited number of these
top reinforcement cut-off regions. The possible effect on the global ductility capacity of the prototype
structures is also expected to be minimal. In the Ultimate Strength Design structure, the ultimate negative
moment/curvature capacity at the top reinforcement cut-off regions was reached in Analysis 7 after the
structure had lost much of its base shear resistance due to non-ductile behavior in the columns. Similar
to the Working Stress Design structure, non-ductile behavior of the top reinforcement cut-off region would
have occurred in only certain girders of the 6th floor. It is expected that, the non-ductile behavior of the
top reinforcement cut-off region of the girders in the Ultimate Strength Design structure would have a
minimal effect on the global ductility capacity and no effect on the base shear capacity.
In Analyses I, 2, 5 and 6, in which local non-ductile behavior was not considered, the ultimate positive
moment/curvature capacity at the top reinforcement bend region on the left end of the girders was reached
(elO) before a collapse mechanism was formed. In Analyses 3, 4 and 7, the non-ductile behavior of such
top reinforcement bend regions was not considered. However, in Analyses 3, 4 and 7, tl1ese top
reinforcement bend regions did not reach their ultimate positive moment/curvature capacities. This was
due to the inelastic unloading of the pull-out regions at the girder-column interface (next to the top
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reinforcement bend regions) which reduced the bending moments in the top reinforcement bend regions.
Therefore, the non-ductile behavior of the top reinforcement bend region did not play any role in the base
shear and global ductility capacity of the prototype structures.
Base on the analyses conducted in this research, the girder flexural reinforcement cut-off and bend regions
are not considered to have the highest priority in any retrofit technique aiming to increase base shear or
global ductility capacity. However, if the pull-out regions are retrofit to increase their strength or ductility
capacity, the girder reinforcement cut-off and bend regions should be carefully evaluated.
7.3.3 Lightly Confined Columns and Column Splices
In the Working Stress Design structure, colunrn end regions began to yield (e5) at 1.24%, 1.14%, 1.45%
and 1.48% drift in Analyses I, 2, 3 and 4 respectively. In Analyses 3 and 4, in which the non-ductile
behavior of the column end regions was considered, column end regions began to reach their ultimate
moment/curvature capacities (e6) at 1.83% and 1.79% drift respectively. In the Ultimate Strength Design
structure, column end regions began to yield at 1.16%,0.840% and 0.802% drift in Analyses 5,6 and 7
respectively. In Analysis 7, in which the non-ductile behavior of the colunrn end regions was considered,
column end regions began to reach their ultimate moment/curvature capacities at 1.11 % drift. In all
analysis cases, column yielding occurred after yielding of the girders of the lower floors. In Analyses 3,
4 and 7, first unloading was observed in the base shear response shortly after the non-ductile column end
regions began to reach their ultimate moment/curvature capacities. It was observed that column non-
ductile behavior did not contribute to the reduction in the initial lateral stiffness and base shear capacity
of the prototype structures when non-ductile behavior was modeled. However, the global ductility
capacity was limited by the ductility of the colunrn end regions. It seems that, an increase in the global
ductility capacity can be achieved by properly retrofiting the colunrn end regions of the prototype
structures to increase their ultimate moment/curvature capacity.
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The shear capacity of the columns were not considered in the analyses. It is obvious that the shear
capacity is most critical at the column end regions where flexural failure occurs. The concrete shear
capacity is largely reduced in such regions due to the presence of a plastic hinge and widely spaced ties.
Determination of the colwnn shear capacity and modeling of any possible column shear failure is
suggested as a possible further research topic.
Lightly confined column splices just above the floor level were also identified in Section 2.3 as possible
critical regions in a non-ductile reinforced concrete frame structure. However, possible non-ductile
behavior of colwnn splices were not considered in the lateral load analyses of the prototype structures.
Study of the behavior of such column splices is suggested as a future research area.
7.3.4 Transverse Girder-Column Joint Reinforcement
Girder-column joint shear stresses were determined based on the analysis results and they were compared
with the joint shear strength values obtained from experimental findings (Pessiki et al., 1990). The
maximum joint stresses that developed in the prototype structures during Analyses 1 through 7 were
summarized in Sections 6.4.1 through 6.4.7 respectively. The experimental joint shear strengths
determined by Pessiki et al. (1990) were summarized in Section 6.4.1. It is found that, in all analysis
cases, the girder-column joint shear strengths were satisfactory and did not affect the global seismic
behavior of the prototype structures.
7.3.5 Girder Transverse Reinforcement
The questionable shear strength of girders due to widely spaced stirrups was not considered in the
analyses. This is suggested as a possible future research topic.
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7.4 IMPORTANCE OF MODELING NON-DUCTILE BEHAVIOR
Based on the results of the seven lateral load analyses, it is found that non-ductile behavior of the critical
regions of the prototype structures is important in the global seismic behavior in terms of lateral stiffness,
ductility capacity, base shear capacity and the collapse mechanism that forms. The analysis cases which
did not consider the local non-ductile behavior gave no information on the ductility capacity of the
structures and provided misleading information on lateral stiffness, base shear capacity and collapse
mechanism. A better assessment of the available base shear and global ductility capacity can be made
after comparing the capacity with the base shear and global ductility demand which can be obtained from
dynamic analyses or from seismic code requirements. Retrofit of the prototype structures can be studied
based on the results of the comparisons of base shear and global ductility capacity with base shear and
global ductility demand. This is suggested as a future research area.
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CHAPTER 8
CONCLUSIONS AND FUTURE RESEARCH
8.1 INTRODUCTION
The focus of this chapter is to summarize the information presented in Chapters 6 and 7, namely the
results of the lateral load analyses of the prototype structures and the comparison and discussion of the
analysis results. Section 8.2 lists in a concise format the significant findings of the lateral load analyses.
Section 8.3 presents the conclusions from the study. The conclusions focus mainly on implications of the
analysis results of the prototype structures for the seismic behavior of existing non-ductile reinforced
concrete frame structures. Section 8.4 outlines additional areas of needed research.
8.2 SIGNIFICANT FINDINGS OF THE LATERAL LOAD ANALYSES
A total of seven 2-dimensional static non-linear inelastic lateral load analyses were carried on two
prototype non-ductile reinforced concrete frame structures. Analyses were performed on an interior frame
of the prototype structures in the girder direction. Triangular and uniform rectangular load profiles were
considered for the lateral loads. The first prototype structure was designed using the 1956 ACI 318
Design Code and the Working Stress Design method. The second prototype structure was designed using
the 1963 ACI 3I8 Design Code and the Ultimate Strength Design method. Findings of the lateral load
analyses of the prototype structures include the following:
I. For the prototype structures analyzed, the global seismic behavior was largely influenced
by the local non-ductile behavior of the critical regions.
2. The global ductility capacity of the prototype structures was largely influenced by the
local non-ductile behavior of the column end regions. The base shear dropped
significantly when the column end regions reached ultimate moment/curvature capacity.
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3. The base shear capacity and lateral stiffness of the prototype structures were largely
influenced by the pull-out of bottom flexural reinforcement in the girders from the
girder-column interface. The lateral stiffness reduced significantly as pull-out occurred
in the girders of the prototype structures.
4. The columns in the prototype structures yielded after the girders of the lower floors
yielded. Yielding in the columns did not significantly reduce the initial lateral stiffness
and the maximum base shear capacity of the prototype structures.
5. The results of the analyses where local non-ductile behavior of the critical regions was
considered gave information about the global ductility capacity of tlle prototype
structures. The results of tl1e analyses where local non-ductile behavior of the critical
regions was not considered did not give any information about the global ductility
capacity of the prototype structures, and provided misleading information on the lateral
stiffness and base shear capacity of the prototype structures and the type of the collapse
mechanism that formed. Base shear capacity and lateral stiffness were reduced when
local non-ductile behavior. of the critical regions was considered.
6. The uniform rectangular lateral load profile resulted in a larger maximum base shear
resistance and lateral stiffness.
7. A single story collapse mechanism was formed in the Ultimate Strength Design structure
whereas 7- and 8-story collapse mechanisms were formed in the Working Stress Design
structure in the analysis cases where local non-ductile behavior was considered.
8. The Working Stress Design structure showed better seismic behavior than the Ultimate
Strengtll Design structure in terms of base shear capacity, global ductility capacity,
lateral stiffness, and the collapse mechanism that formed.
9. The results of the analyses where local non-ductile behavior of the prototype structures
was considered gave information about the relationships between the local and global
ductility capacity of the prototype structures.
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10. The ultimate negative moment/curvature capacity at the girder top flexural reinforcement
cut-off region was exceeded in certain girders of a limited number of floors in the
structures before a mechanism was formed during the analyses. However, the non-
ductile behavior of such top reinforcement cut-off regions was not modeled in any of
the analyses.
II. The ultimate positive moment/curvature capacity at the girder top flexural reinforcement
bend region was not exceeded during the analysis cases where local non-ductile behavior
was considered.
12. Girder-column joint shear strengths were not exceeded in the prototype structures during
the analyses.
13. The research demonstrated the need for an iterative analysis procedure in which analyses
are conducted, analytical models are revised, and analyses are repeated. The non-ductile
behavior of critical regions made this approach essential.
8.3 CONCLUSIONS
The results of the lateral load analyses have many implications for the seismic behavior and retrofit of
existing non-ductile reinforced concrete frame structures.
The seismic behavior of the Working Stress Design prototype structure and the Ultimate Strength Design
prototype structure were largely influenced by the local non-ductile behavior of their critical regions. The
lateral stiffness and base shear capacity of the prototype structures were governed by the pull-out of
bottom girder flexural reinforcement from the girder-column joint. The global ductility capacity and the
type of collapse mechanism that formed was governed by the limited moment/curvature capacity in the
column end regions.
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The critical non-ductile regions of the prototype structures need to be retrofit for better seismic behavior.
An increase in the base shear capacity of the prototype structures can be achieved by properly retrofiting
the non-ductile pull-out regions at the girder-column interface. However, such a retrofit would not
significantly increase the global ductility capacity of the prototype structures. An increase in the global
ductility capacity can be achieved by properly retrofiting to increase the ultimate moment/curvature
capacity of the critical column end regions of the prototype structures. The girder flexural reinforcement
cut-off and bend regions are not considered to be the highest priority in any retrofit aiming to increase
base shear or global ductility capacity. However, if the pull-out regions are retrofit to increase their
strength or ductility capacity, the girder reinforcement cut-off and bend regions should be carefully
evaluated. The girder-column joints had sufficient shear strengths to resist the joint shear stresses
developed during the analyses.
The Working Stress Design structure showed better seismic behavior during the analyses in terms of
lateral stiffness, base shear capacity, global ductility capacity, and the coIIapse mechanism that formed.
The smaller column sections designed for the illtimate Strength Design structure limited the global
ductility capacity of the Ultimate Strength Design structure and also resulted in a single story collapse
mechanism. To improve the global seismic behavior, many of the lower and intermediate story columns
of the Ultimate Strength Design structure need to be retrofit to increase ultimate moment/curvature
capacity. On the other hand, retrofit of a few lower story columns may be sufficient to achieve a
satisfactory global seismic behavior of the Working Stress Design prototype structure.
8.4 FUTURE RESEARCH
Only a limited number of analyses were performed that covered three variables: 1) effect of local non-
ductile behavior of certain critical regions in the structures (i .e., infinite and limited ductility cases); 2)
effect of the lateral load profile (i.e., triangular and uniform rectangular lateral load profiles); and 3) effect
of tl1e design method used (i.e., Working Stress and Ultimate Strength Design structures). The lateral load
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analyses were performed on an interior frame of the prototype structures in the girder direction only.
Clearly, more analyses are needed to examine other variables not included in the present study. The
following discussion outlines additional research needs.
Prototype Stmctures
Other prototype structures representative of existing non-ductile reinforced concrete frame structures
constructed in the Eastern and Central United States during the 1950's through the 1970's need to be
selected, designed, detailed and analyzed. Design variables which are not considered in the present study
include: 1) general features (i.e., type of building, type of framing system, number of stories, number of
bays, elevation and plan dimensions); 2) material strengths; 3) girder and bean1 design philosophy (i.e.,
doubly reinforced sections, use of only straight bars for flexural reinforcement); and 4) column design
philosophy (i.e., longitudinal steel ratio, variation of column size over the height of the structure).
Modeling of Prototype Structures for Lateral Load Analyses
In this study, modeling of the prototype structures for lateral load analyses assumed that 25% of the design
live load was acting. The effect of the amount of live load on the seismic behavior of the prototype
structures need to be investigated. The flexural properties of girders were based on an effective slab width
of half the center-to-center spacing between the girders. The effect of different effective slab widths on
tile seismic behavior of tile prototype structures can be studied.
Lateral Load Anal yses
The seismic behavior of the prototype structures should be assessed for an exterior frame in the girder
direction, and also for exterior and interior frames in the beam direction. Also, the possible non-ductile
behavior of the following critical regions of the prototype structures were not included in the lateral load
analyses in tllis study: I) lightly confined column splices under combined flexural and axial loads; 2)
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colunms with light transverse reinforcement under shearing forces; 3) girders with light transverse
reinforcement under shearing forces.
Comparisons of Capacity with Demand
The base shear and ductility demand of the prototype structures can be obtained from dynamic analyses
or from seismic code requirements. A better assessment of the available base shear and ductility capacity
can be made after comparing the capacity with demand. Retrofit of the prototype structures can be studied
based on the results of the comparisons of base shear and ductility capacity with base shear and ductility
demand.
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